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Abstract 

Brittle fracture is a major concern to structural engineers as it can have significant consequences in terms 

of safety and cost. Although modern day occurrences are rare, it is well known that they can occur without 

warning and may lead to the sudden closure of a bridge, loss of service, expensive repairs, and/or loss of 

property or life. In Canada, steel bridge fracture is a more significant concern due to the harsh climate 

present through much of the country, which, if the toughness properties are improperly specified, is 

sufficient to put many steels on the lower shelf of the toughness-temperature curve.  

The provisions for avoidance of brittle fracture in various bridge design codes vary in complexity. The 

existing Canadian CSA standards take a fairly simplistic approach for design against brittle fracture, using 

design tables that have two temperature zones. Depending on the minimum mean daily temperature of the 

location of interest, one can determine the Charpy V-Notch testing requirements for the grade of steel. 

However, it is known that temperature is not the only factor that plays a role in the fracture behaviour of 

steels. Other factors influencing fracture, such as plate thickness, crack size, demand-to-capacity ratio, and 

considerations related to traffic, are currently neglected. It is generally known, for example, that thin plates 

(e.g., less than 12.5-19.0 mm in bridge applications) are less susceptible to brittle fracture, due to the rolling 

reduction ratio at the mill. However, for the same steel grade (with a small distinction between base and 

weld metal), the same CVN requirements are applicable to a wide range of plate thicknesses (i.e., from the 

minimum allowed for corrosion considerations up to 100 mm). The existing CSA standards also assign 

responsibility for identifying fracture-critical members (FCMs) to the design engineer, though regulations 

on how to identify them are limited and vague, leaving much to engineering judgement.  

A comparison of brittle fracture design provisions around the world reveals that more sophisticated 

approaches have been developed in terms of modelling and understanding brittle fracture in existing and 

new bridges than the ones currently in use in North America. One of these more involved methods is the 

fracture mechanics method in the European EN 1993-1-10 standard, which allows factors such as plate 

thickness, crack size, and strain rate to be considered.  This standard also gives designers the option of using 

a simplified method or a much more involved, fracture mechanics-based approach. 

While the current Canadian brittle fracture provisions generally appear to be meeting the needs of the code 

users, two issues are noteworthy. The first, which has already been alluded to, is that the North American 

provisions offer less flexibility and guidance for handling unusual situations than the Eurocode methods. 

The óone size fits allô approach in the Canadian design standards may not be optimal and may result in 

structures being overdesigned or under-designed, leading to inefficiencies in safety and cost. This highlights 

the need for answering questions regarding the feasibility of allowing reduced toughness requirements for 

bridges fabricated with thinner plates or experiencing lower traffic volumes or demand-to-capacity ratios. 



vi 

 

The second issue is that few studies can be found in the literature around the world attempting to assess the 

level of reliability against brittle fracture provided by any of the existing design provisions. The lack of a 

probabilistic assessment of brittle fracture risk in Canada and the few studies globally highlights a gap in 

the current understanding and implementation of these design standards. 

This thesis includes a literature review on: 1) factors affecting material toughness, 2) common methods of 

evaluating toughness, 3) North American and European brittle fracture provisions, and 4) previous work 

on design code calibration and reliability analysis for steel structures subject to various failure modes, 

including brittle fracture. A comparison of the North American and European design provisions using the 

example of a typical steel-concrete composite highway bridge is then presented. For this case study, it was 

found that North American codes are typically more conservative than the Eurocode for bridge elements 

made with thinner plates and less conservative for elements made with thicker plates.  

Following this, the fracture mechanics-based European brittle fracture limit state is then evaluated in a 

probabilistic framework using Monte Carlo Simulation (MCS). In order to do this, statistical distributions 

are established for the various input parameters, and ï in particular ï statistical models for the live traffic 

load and temperature are established. Prior to application of the model, a calibration step is performed to 

establish a design crack depth. Sensitivity studies are then performed where key input parameters are varied 

to examine how the failure probability is affected by variations in each parameter.  

The work is then cast in a time-dependent reliability framework, using historical temperature and traffic 

data, to determine the failure probability with temperature and traffic loading fluctuating on a time scale 

throughout the year. This time-dependent model is then used to assess the reliability level provided by the 

current Canadian brittle fracture provisions. Given certain plate thickness, crack size, load levels and 

geographical temperature data, the annual probability of failure and annual reliability index, ɓ, are obtained. 

The obtained reliability indices are compared with a target reliability index to assess the extent to which 

the Canadian provisions provide consistent and adequate levels of reliability against brittle fracture.  

On the basis of the results, the North American brittle fracture design provisions are critically assessed, and 

new design tools from these probabilistic studies are presented. Opportunities for improvement in the 

existing Canadian standards and areas warranting further study are lastly highlighted. 
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1 Introduction  

Structural steel has been used in bridge construction since the 1800s and its use has become more 

widespread for bridge construction ever since. The very first in North America was the Eads Bridge (built 

1874), a steel arch bridge in St. Louis, Missouri, which still remains in service (Kline, 2008). Truss bridges 

started to become more widely used in bridge design as they enabled longer spans to be built using shorter 

elements. Numerous truss configurations such as the Pratt and Howe models were patented in this era. Early 

steel trusses used pin connections, whereas riveted connections became later implemented with connection 

developments in the 20th century (Jarosz & Sorgenfrei, 2005). 

While structural steel has many benefits including its high strength-to-weight ratio, ductility, and speed of 

construction, it also presents disadvantages such as the need for corrosion protection, as well as the need 

for bolted or welded connections which, if poorly designed or poorly welded, become areas of weakness 

susceptible to fatigue failure. Common modes of failure for steel bridges include brittle fracture, ductile 

fracture, plastic collapse, fatigue, creep, and buckling (Gordon, 1993). Among these, brittle fracture remains 

a concern to structural engineers, as it has significant consequences in terms of safety and cost. Although 

occurrences are rare in the present day, it is well known that they occur without warning and may lead to 

the sudden closure of a bridge, loss of service and the need for traffic diversion, expensive repairs, loss of 

property, and in the most tragic cases, loss of life. 

The phenomenon of brittle fracture occurs on the lower shelf region of the toughness-temperature S-curve, 

illustrated in Figure 1-1, making it a concern in Canadian climates due to the long winter and extremely 

low temperatures that most communities experience. Methods of prevention involve proper detailing, 

regular inspections, and selecting the appropriate grade to ensure the material behaves in the upper shelf 

region for the given geographic location and climatic conditions.  

 

Figure 1-1 Toughness-Temperature Curve (NDT Education Resource Center, 2020) 

Upper shelf 

Lower shelf 
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1.1 Background and Motivation 

Collapses of the Duplessis Bridge in Trois-Rivières, Québec (failed in 1951, 4 fatalities) and Silver Bridge 

in Point Pleasant, West Virginia (failed in 1967, 46 fatalities) are a few historical examples of brittle 

fracture-related bridge failures in North America (Hopwood & Deen, 1984). Prior to the early 1970s, 

Charpy V-Notch (CVN) toughness requirements were not part of any North American specifications. The 

tragedy of the Point Pleasant Bridge was a major initiating factor for research programs in the United States, 

leading to the American Association of State Highway and Transportation Officials (AASHTO) developing 

fracture toughness requirements for welds and base metals in 1974 (Altstadt et al., 2014). 

Another notable collapse is the Mianus River Bridge on I-95 in Cos Cob, Connecticut (failed 1983), where 

a fracture occurred in the pin and hanger assembly and caused the bridge to collapse, resulting in three 

fatalities (Connor et al., 2005). In the present day, pin and hanger assemblies, shown in Figure 1-2, are 

rarely (if ever) used in new designs due to their lack of redundancy.  

 

Figure 1-2 Example of a Pin and Hanger Assembly (Graybeal et al., 2000) 

Following the Mianus River Bridge failure, provisions were added to the North American bridge design 

codes, AASHTO LRFD Part 6 and CSA S6, requiring that ñfracture-critical membersò (FCMs or ñnon-

redundant tension membersò) be identified by the design engineer and be treated with particular attention 

in the design of new bridges (Connor et al., 2007), (Wright, 2002). The CSA definition of fracture-critical 

members are ñmembers, including attachments, in a single load path structure that are subject to tensile 

stress and the failure of which can lead to collapse of the structureò (CSA, 2019), and AASHTO has a 

similar definition, ña steel primary member or portion thereof subject to tension whose failure would 

probably cause a portion of or the entire bridge to collapseò (AASHTO, 2017). Additionally, the Federal 

Highway Administrationôs (FHWA) National Bridge Inspection Standards (NBIS) were revised to include 

new requirements on hands-on inspection for any identified fracture-critical members. This is a 
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distinguishing point between North American codes and the Eurocode, the latter of which does not have 

specific wording on FCMs. Additionally, in America, as per the AWS D1.5 Bridge Welding Code, Clause 

12 (known as the Fracture Control Plan) requires that the toughness and fabrication standards are more 

stringent for FCMs than for non-FCMs (Federal Highway Administration, 2019). 

CSA and AASHTO assign the responsibility of identifying FCMs to the design engineer. However, in both 

codes, regulations on how to identify them are very limited and vague, leaving much of the classification 

of these members to engineering judgement. Some jurisdictions, such as North Dakota (North Dakota 

Department of Transportation Bridge Division, 2000), provide a guideline document on the types of 

members or details that could potentially be fracture-susceptible, and to which an inspector should pay 

more attention, but these guidelines are still relatively broad.  

Over the last 45 years, while the North American provisions for design of steel bridges against brittle 

fracture appear to be meeting the needs of designers and the general public in the sense that they are easy 

to use, and the number of brittle fracture bridge failures in North America has remained relatively small, 

they still occasionally occur in the 21st century. Modern day examples include the Sgt. Aubrey Cosens VC 

Memorial Bridge in Latchford, Ontario (failed in 2003), the US 422 Bridge (failed 2003), and Hoan Bridge 

(failed 2000) to name a few. The latter two examples both showed little signs of fatigue cracking and were 

both caused by a phenomenon called constraint-induced fracture or CIF (Connor et al., 2007).  

Constraint-induced fracture (CIF) is a special case of brittle fracture, which is caused by a tri-axial state of 

stress. This may occur when there are multiple intersecting welds, such as a web-flange-stiffener connection 

without a sufficiently wide web gap, illustrated in Figure 1-3. Three conditions must exist for a detail to be 

susceptible to CIF, and removing one of them will decrease the susceptibility of occurrence: 1) a high local 

stress concentration; 2) the stress concentration is at a location of high constraint, which prevents local 

yielding; 3) there are sufficiently high tensile stresses. With proper detailing (e.g. sufficiently large web 

gap), the use of thinner plates, higher material toughness, or typically a combination thereof, a designer can 

reduce the risk of CIF (Connor et al., 2007). 
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Figure 1-3 Detail Exhibiting Tri -axial Stress State (Connor et al., 2007) 

However, CIF can occur in bridges even when the steels used on the structure meet CVN and AASHTO 

requirements. In the case of the Hoan Bridge failure in 2000, the brittle fracture cracks found in all three 

bridge girders were a result of intersecting and overlapping welds between shelf plates, gusset plates, and 

transverse connection plates, causing high levels of triaxial constraint. Both the web and flange plate metals 

were tested to meet the CVN and AASHTO requirements at the time the structure was built in 1972, and 

furthermore, met the CVN requirements at the year of failure.  

In the latest revision cycle of the CSA S6 Canadian Highway Bridge Design Code, the code writers have 

identified the following issues surrounding the issue of brittle fracture: 

¶ new, less conservative, design rules are needed for very thin plate structures, and structures that are 

plastically deformed (i.e. bent) either from vehicle impact or intentionally in fabrication (such as 

large culverts and orthotropic bridge deck ribs) resulting in local loss of toughness, 

¶ the definition of ñfracture criticalò, which is currently highly open to interpretation, needs to be 

better clarified for certain structure types, to prevent expensive overdesign, 

¶ new design rules may be needed for pedestrian bridge structures, with lower impact velocities, and 

¶ the design rules need to be critically assessed for aluminum structures, recognizing that aluminum 

does not exhibit a ductile-to-brittle transition at low temperatures in the same way as steel. 

The basis for the North American provisions has largely been experience, common sense, and engineering 

judgement (Altstadt et al., 2014). As there is very little ñin-house expertiseò in Canada on brittle fracture 

or CIF of civil infrastructure such as steel bridge structures, international experts are generally relied upon 

when these cases arise. In Europe, significant advances have been made in recent decades in the 
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sophistication of the tools available for modelling and understanding brittle fracture in new and existing 

structures. While adoption of similar approaches in North America to assess these special situations may 

be of interest, it is worth noting that only a few preliminary attempts have been made to establish reliability 

levels provided by any existing design provisions (Artmont & Murphy, 2018), whereas significant work 

has been done to calibrate probabilistically provisions for other limit states (Kennedy & Gad Aly, 1980) 

(Zhao et al., 1994) and construction materials (MacGregor, 1976). 

1.2 Objectives and Key Tasks 

To address the gaps in the current Canadian state-of-knowledge regarding brittle fracture assessment, the 

following project objectives were defined: 

1) to investigate alternative approached for evaluating the notional reliability level against brittle 

fracture for elements in steel highway bridge structures, including time dependent and independent 

formulations for assessing an appropriate limit state function,  

2) to assess and quantify the reliability level against brittle fracture implied by the current toughness 

provisions for structural steel in the Canadian bridge code (CSA S6), and 

3) to develop an improved practical tool for assessing brittle fracture risk in bridges, based on the 

results of the reliability analyses performed to address Objectives 1) and 2).  

The major tasks to complete the project objectives are as follows: 

Task 1 ï Literature review and data gathering 

A primary goal of this task was to review existing methodologies and input models for performing brittle 

fracture reliability analysis, in order to better understand the current state-of-knowledge on the subject of 

brittle fracture in steel bridges. In addition, the general state-of-knowledge related to brittle fracture as well 

as code calibration and structural reliability theory was investigated within this task. 

Task 2 ï Reliability-based assessment of current brittle fracture provisions  

In this step, an analysis was performed to assess the reliability level associated with the current toughness 

requirements of the Canadian design standards (e.g. CSA S6). It was found that the existing Canadian 

standard is less conservative than the Eurocode for designing against brittle fracture in thick plate structures 

and fails to consider many factors such as member shape and dimensions, strain rate, cold forming, etc., 

which the Eurocode considers as key input parameters in their model. This is an area of concern, as steel 

fracture behaviour is known to depend considerably on a number of these factors.  

One novel aspect of this research project is that it includes first attempt at assessing brittle fracture risk of 

steel bridges in a probabilistic framework. For this task, an algorithm was developed to automate the 
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calculation processes of the European brittle fracture provisions. Using this program, MCS was applied on 

the current bridge model and various application examples. The application examples aim at providing 

Canadian code writers with answers to their brittle fracture questions concerning topics including, but not 

limited to: consideration of thickness effects and treatment of ñfracture critical membersò.  

Task 3 ï Consideration of time-dependent effects 

The reliability analysis was then refined with a focus on a more sophisticated treatment of the time-

dependent parameters. This required a different framework for modelling of the loading, where the service 

temperature fluctuated on a time scale and extreme value statistics were used to sample extreme live loads 

for a given analysis increment. Failures occur when a random combination of an exceptionally low 

temperature and exceptionally high truck load happen simultaneously. For this task, traffic survey data was 

provided by various highway authorities (e.g., the Ontario Ministry of Transportation). 

Task 4 ï Development of assessment tools 

For this last task, the developed models were run for a wide range of cases, to produce user-friendly design 

aids and/or procedures for rapid assessment of new and existing structures in Canada. It is hoped that these 

tools will also help the bridge engineer to better understand what they are effectively doing when they 

specify a certain level of fracture toughness in the design of a new steel bridge. 

1.3 Thesis Outline 

Chapter 2 of the thesis includes the literature review on related topics including factors affecting material 

toughness, existing codes and methodologies for evaluating brittle fracture risk, and background studies on 

how these design standards were developed. Literature on new recommendations for CVN requirements, 

crack detection probabilities, and how heat affected zones affect brittle fracture, is also reviewed. 

Chapter 3 describes the methodologies, key assumptions, equations, and input parameters used in each of 

the studies conducted within the overall project scope. This covers the comparison between three different 

codes and the initial probabilistic model developed in Excel Visual Basic. The process of developing 

models in MATLAB for the later studies, including a preliminary time-dependent model (which was later 

abandoned), a refined time-dependent model, and a time-independent model are then presented. The 

statistical parameters and distribution types assumed are presented in tabular form. Throughout the chapter, 

it is shown how the models were continuously refined in each phase of the project.  

Chapter 4 describes the results of the first study of comparing international codes on brittle fracture design, 

highlighting the simplicity of current Canadian codes. It is found that the Canadian code is highly 

conservative for thin plates, whereas it is arguably unconservative for thick plates.  
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Chapter 5 presents the results of a preliminary probabilistic investigation using Excel Visual Basic. Several 

sensitivity studies performed with the developed model are presented, where initial crack size, load, and 

plate thickness were varied, and the resulting failure probabilities were calculated. Following this, 

histograms and cumulative density functions are defined for a preliminary time-dependent probabilistic 

MATLAB code. These are shown for Kmat at different temperature increments and K*
appld for different live 

load increments. The hourly modeled temperature and live load graphs are illustrated, along with a sample 

case for 100 trials. The computational demand of this code version is also discussed. 

Chapter 6 details the results of analyses conducted with a refined version of the time-dependent MATLAB 

code, which proved to result in significantly reduced analysis times with no loss in accuracy. These analyses 

highlight inconsistencies in current reliability levels in CSA S6, expressed by comparing current impact 

energy requirements vs. suggested impact energy requirements to achieve consistent reliabilities across 

different steel grades. Several sensitivity studies are then presented using this new model, where parameters 

varied include the assumed relationship between Charpy toughness to fracture toughness, the assumed 

strain rate, the ratio of live-to-dead load acting on the critical detail, and the design crack size.  

Chapter 7 presents results obtained using a refined time-independent MATLAB code with a new calibrated 

design crack size, for time saving purposes. Several sensitivity studies are presented, which illustrate the 

effects of geographical location, span, influence line, traffic volume, and presence of multiple vehicles on 

the recommended impact energy requirements. Design tools in the form of contour plots are then developed, 

for different steel strengths, climates, thicknesses, and demand-to-capacity ratios.  

Finally, Chapter 8 summarizes the conclusions from each study of the project and recommends areas of 

continued work. 
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2 Literature Review 

The following literature review summarizes the factors that affect material toughness, methods of toughness 

evaluation, and existing code provisions for design against brittle fracture in Canada, USA, and Europe. 

Additionally, the topics of previous work on the master curve development, code calibration and reliability 

analysis for brittle fracture and other failure modes for steel structures in North America, which form the 

foundations of European and North American brittle fracture design standards, are discussed. Lastly, further 

studies on new recommendations for CVN requirements, crack detection probabilities, and how heat 

affected zones affect brittle fracture are reviewed. 

2.1 Factors Affecting Material Toughness 

The fracture behaviour of ferritic steels is strongly dependent on the temperature of the material at the time 

of failure. Fracture is considered brittle if it occurs before net section yielding (occurring in the lower shelf 

of the temperature vs. impact energy S-curve), otherwise it is considered ductile (occurring in the upper 

shelf) (Sedlacek et al., 2008). The temperature a which the failure mode type changes is termed the 

transition temperature. The transition temperature for steels is also an indicator of toughness: generally, a 

higher transition temperature correlates to a lower toughness steel and a lower transition temperature is 

associated with higher toughness. 

Factors affecting the fracture toughness in a steel element include thickness, temperature, and loading rate. 

In general, steel toughness increases with increasing temperature and decreasing loading rate (Barsom, 

1975).  Thick plates are associated with an increased likelihood of a triaxial state of stress and variations in 

metallurgy through the thickness, due to the cooling process in fabrication. Thus, thinner plates typically 

have a higher fracture toughness, everything else being equal. Additionally, high degrees of cold forming 

reduce toughness (Sedlacek et al., 2008), as shown in Figure 2-1. 

 

Figure 2-1 Effects of cold forming on material S-curve (Sedlacek et al., 2008) 
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2.2 Methods of Toughness Evaluation 

2.2.1 Charpy V-Notch Method for Impact Toughness 

The most commonly used method in specifications for measuring impact toughness is through the Charpy 

V-Notch (CVN) impact test method, due to its low cost, simplicity, and speed at which the test can be 

conducted (Barsom, 1975).  

The CVN test is performed according to ASTM E23 (ASTM International, 2013). A standard specimen of 

55 mm x 10 mm x 10 mm with a machined V-shaped notch at the middle is placed in the test apparatus and 

is impacted by a swinging pendulum. The initial and final heights of the pendulum are measured and the 

difference in height is used to calculate the energy absorbed by the specimen prior to fracture, in Joules (J). 

A typical procedure consists of testing three specimens at a specific temperature and repeating the test for 

varying temperatures. Heating or cooling of specimens may be conducted in a liquid bath or gas medium, 

and the specimens must be transferred to the testing apparatus and tested within 5 seconds of removal from 

the temperature-controlled medium. When a series of specimens are tested at different test temperatures, 

the results are plotted as energy vs. temperature and can be used to characterize the temperature vs. 

toughness S-curve showing the upper shelf, lower shelf, and transition region. 

2.2.2 Critical Stress Intensity Factor, KIc, for Fracture Toughness 

The critical plane-strain stress intensity factor (SIF), denoted by KIc, corresponds the stress at which 

unstable crack propagation will occur in a specimen (Barsom, 1975). KIc refers to Mode I cracking, the 

opening mode, which is depicted in Figure 2-2. Other modes of fracture are Mode II, sliding mode, and 

Mode III, tearing mode, which each have their own corresponding critical SIFs, KIIc and KIIIc, respectively. 

It is also noted that K-values for different crack modes cannot be added together, though they can be added 

for the same fracture mode by the principle of superposition. Cracks tend to propagate most easily under 

Mode I loading. In many design problems, the other loading modes are therefore often ignored. 

 

Figure 2-2 Different fracture crack modes (Zamiri et  al., 2018) 
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KIc is commonly determined through either: 1) the bend test, using single-edge-notched pre-cracked beam 

specimens, loaded in 3-point bending, or 2) the compact test (CT), using single-edge-notched and fatigue 

pre-cracked plates loaded in tension. Other common shapes for the compact test are disk-shaped and arc-

shaped specimens. Although the size of specimens may vary, they must conform to the dimensional 

proportions specified in ASTM E399 (ASTM International, 2020). An example of the dimensional and 

shape tolerances of a typical CT specimen is shown in Figure 2-3. 

 

Figure 2-3 CT specimen shape and proportions (ASTM International, 2020) 

The output of CT tests consist of force vs. displacement plots, where the crack mouth displacement is 

measured using a suitable displacement gauge or extensometer. Specimens are loaded until Pmax is reached 

and they cannot sustain any more applied load. The calculation of the stress intensity factor, K, is done 

using equations presented in ASTM E399, which are dependent on the specimen shape. It is recommended 

that at least three tests are performed for each material condition.  

KIc tests are performed relatively rarely as a means of quality control as the costs associated with fabricating 

and preparing the KIc specimens, and performing the test, are high. For this reason, different relationships 

have been developed to correlate CVN energy and KIc, as Charpy impact tests are quick, easy, and cheap. 

In (Collins et al., 2016), numerous relationships are described, and their equations presented. These include 

the Barsom and Rolfe original correlation (Barsom & Rolfe, 1970), Barsom and Rolfe two-stage correlation, 

BS 7910 Correlation, Corten and Sailors Correlation, Marandet and Sanz Correlation, Roberts and Newton 

Lower Bound Correlation, Rolfe-Novak-Barsom Upper Shelf Correlation, and Wallin Correlation.  
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2.2.3 J-Integral Method 

The J-integral is a common method used to determine the stress intensity factor, as a simple conversion 

exists between J and K for linear-elastic materials, as shown in Equation 2-1 (Langford, 1980), where E is 

the modulus of elasticity of the material. The tests are performed according to ASTM E1820 (ASTM 

International, 2020). A major benefit to performing JIc tests is that the specimen dimensions can be much 

smaller than the ones required for a typical KIc test. The J-integral can also be determined by finite element 

analysis for complex specimen geometries, which is another reason for its popularity. 

 ὐ
ὑ

Ὁ
 Equation 2-1 

2.3 Existing International Brittle Fracture Design Provisions 

Design codes for preventing brittle fracture vary around the world. Key highlights of the development of 

practical design provisions to prevent brittle fracture in bridges in North America can be found, e.g., in 

Barsom (1975), Wright (2002), and Altstadt et al. (2014). As stated in Wright (2002), ñThe current 

approach for avoiding brittle fracture in bridges in general normally involves specifying a level of 

toughness sufficient to prevent lower-shelf, brittle fracture at service temperatures and loading rates 

experienced by bridgesò. In the North American design codes, this is generally done with relatively simple 

lookup tables. In this section, a comparison is made between the existing toughness provisions in the 

Canadian code CSA S6-19, AASHTO, and the Eurocode. 

2.3.1 Canadian Highway Bridge Design Code (CSA S6-19) 

The existing CSA brittle fracture provisions are relatively simplified and consist of a design table to select 

the appropriate CVN energy requirements based on the steel grade, using the following steps. It is worth 

noting that the Canadian provisions are independent of plate thickness.  

Step 1 ï Identify fracture-critical and primary tension members on the structure. 

Recall that Clause 10.23.1 in CSA S6 states that fracture-critical members are ñthose tension components 

of a single load path bridge structure whose failure would be expected to result in the collapse of the 

bridgeé A fracture-critical member may be either a complete bridge member, or a part thereofò. The key 

difference between fracture-critical and primary tension members is the level of redundancy. The CSA 

definition for primary tension members is ñmembers or member components whose failure would not cause 

the bridge to collapseò (Canadian Standards Association, 2019). 
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Step 2 ï Determine the minimum service temperature using Figure A3.1.2 in CSA-S6. 

 

Figure 2-4 Minimum mean daily temperature, Figure A3.1.2 from CSA-S6 

Step 3 ï Based on the minimum service temperature and steel grade, determine the appropriate CVN 

requirements: the minimum energy [Joules] tested at specified temperature [°C]. In CSA S6-19, Table 10.12 

and Table 10.13 divide the minimum service temperature into two zones, excerpts shown in Figure 2-5 and 

Figure 2-6 (full tables not shown).  

 

Figure 2-5 Excerpt of Brittle Fracture Design Provisions (Table 10.12) in CSA S6 
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Figure 2-6 Excerpt of Brittle  Fracture Design Provisions (Table 10.13) in CSA S6 

It should be noted that CSA-S6 Table 10.12 corresponds to Table L.1 in the Canadian Handbook of Steel 

Construction (HSC) ñRecommended test temperatures and CVN impact test values for primary tension 

members under dynamic loadingò, and that CSA-S6 Table 10.13 corresponds to Table L.3 in the Canadian 

HSC ñRecommended test temperatures and CVN impact test values for fracture critical members under 

dynamic loadingò (Canadian Institute of Steel Construction, 2021).  

It should also be noted that the tables in CSA S6 correspond to the ñdynamic loadingò tables in the Canadian 

HSC. The Canadian HSC Commentary page 1-222 has two additional tables for impact loading. However, 

only the dynamic loading tables applicable to bridges are presented here. 

2.3.2 AASHTO LRFD Part 6 ï Steel Structures 

It is well known that temperature is not the only factor that plays a role in the fracture behaviour of steels. 

The American code, AASHTO LRFD Part 6, provides a slightly more sophisticated table, which has three 

temperature zones and takes into account the steel plate thickness (AASHTO, 2017). 

 

Figure 2-7 Excerpt of Brittle Fracture Design Provisions (Table C6.6.2.1-1) in AASHTO 
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2.3.3 Wallin Master Curve 

Wallin (1992) developed a correlation for calculating fracture toughness using a Master Curve approach. 

Fracture toughness tests (K1C) are difficult and expensive. Although Charpy V-Notch (CVN) tests offer a 

faster and more economical alternative to fracture toughness tests, it is important to note that empirical 

correlations between Charpy and K values cannot be universally applied to all materials. 

Wallin presents a fracture probability cleavage model (Wallin, 1992), and describes the process and 

assumptions, such as reference thickness and lower bound of fracture toughness, leading to the derivation 

of the Master Curve, which is applicable to ferritic structural steels. This curve, which is a function of 

temperature, Charpy test temperature, and effective length of the flaw, forms the basis of the Fracture 

Mechanics Method in the Eurocode presented in the subsequent section. 

2.3.4 Eurocode (EN 1993-1-10) 

Key research in Europe on toughness requirements for structural steel is discussed in Wallin (2002) and 

Sedlacek et al. (2008). As can be seen in Sedlacek et al. (2008), the European design provisions for avoiding 

brittle fracture are relatively sophisticated, compared with the North American ones. They include a 

simplified approach, with adjustment factors allowing a number of parameters (e.g., plate thickness, 

demand to capacity ratio, degree of cold work, etc.) to be explicitly considered, and a fracture mechanics-

based approach for use situations such as assessing structures with existing cracks.  

2.3.4.1 Eurocode Simplified Method 

The following work presented in Section 2.3.4.1 has been published to CSCE 2020 Annual Conference and 

TRB 2021 Annual Meeting, with edits and modifications made for this thesis. 

The brittle fracture provisions within Eurocode 3: Design of steel structures (also referred to as EN 1993-

1-10) (European Commission, 2006) consist of two methods of analysis: a simplified method using design 

tables, and a more complex fracture-mechanics-based method. Both the Eurocode simplified method and 

CSA S6-19 Section 10.23 (Canadian Standards Association, 2019), and AASHTO LRFD 2017 Part 6 

(AASHTO, 2017) procedures for brittle fracture use the minimum service temperature of the location of 

interest to determine the appropriate steel grade, subgrade, and CVN test requirements, i.e.: test temperature 

[°C or °F] and energy absorbed [J or ft-lbs]. However, aside from the use of the minimum service 

temperature as a primary input, the similarities end there. The design Table C6.6.2.1-1 in AASHTO Part 6 

additionally considers plate thickness for specifying grade and toughness and has three different 

temperature zones as opposed to the two specified in the CSA S6 code. EN 1993-1-10 also takes into 

account numerous other factors such as plate thickness, yield strength of the material, stresses on the 
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component, radiation losses, member shape and dimensions, safety allowances, strain rate, and cold 

forming (if applicable). The five steps required for the EN 1993-1-10 simplified method are: 

Step 1 ï A thickness-adjusted yield strength fy(t) is calculated from the nominal strength. 

 Ὢὸ  Ὢȟ   πȢςυϽ
ὸ

ὸ
 .ȾÍÍ Equation 2-2 

where t is the thickness of the plate in mm and t0 = 1 mm. 

Step 2 ï The maximum stress due to external loads, ůEd,max [MPa], is calculated using a serviceability limit 

state (SLS) load combination. 

Step 3 ï Three theoretical stress levels are prepared for the lookup table, representing stress from external 

loads, are calculated using Equation 2-3 through Equation 2-5. 

 „ πȢχυϽὪὸ .ȾÍÍ  Equation 2-3 

 „ πȢυπϽὪὸ .ȾÍÍ  Equation 2-4 

 „ πȢςυϽὪὸ .ȾÍÍ  Equation 2-5 

where ůEd is the maximum stress level, expressed as a proportion of fy(t). 

Step 4 ï The reference temperature is determined from the minimum extreme temperature with a 50-year 

return period, with temperature adjustments applied to consider radiation losses, member shape and 

dimension, safety allowance, strain rate, and degree of cold forming. This is shown in Equation 2-6. It is 

noted that Tmd and ȹTr have units of temperature, whereas the remaining adjustments account for other 

effects, originally in non-temperature units, which are then converted into an "equivalent temperature" for 

calculating TEd. 

 Ὕ Ὕ ЎὝ ЎὝ ЎὝ Ὕ ЎὝ  Equation 2-6 

where Tmd is the lowest daily air temperature of the location of interest, with a 50-year return period. 

ȹTr is an adjustment for radiation loss, which depends on the topography, latitude, albedo, etc., of the 

location of interest. Currently, research has been done in Germany to establish an average value of -5 °K 

radiation loss for the entire country. Other European countries often adopt the -5 °K radiation loss from 

Germany. However, this parameter has not yet been established in Canada.  

ȹTů is the adjustment for stress and yield strength of the material, crack imperfection and member shape, 

and dimensions. If the detail fits within one of the welded details from the fatigue section of Eurocode 3 

(EN 1993-1-9), this term is zero and no calculations are needed.  
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ȹTR is a safety allowance, if required, to reflect different reliability levels for different applications. 

¶ When the input values for strength and toughness (fy and T27J) are based on test measured data, 

there is a level of uncertainty associated with laboratory test data. An adjustment of -38 °K is used 

as a conservative adjustment to account for the uncertainties in the input values.  

¶ Most European steels manufactured to the standard, EN 10025 - Hot rolled products of structural 

steels (European Commission 2005), are generally manufactured to a higher standard, so their 

nominal values of T27J and fy represent a lower bound for the materialôs actual strength and 

toughness. An adjustment of +7 °K can be used to account for the fact that most materials 

manufactured to the standard are, in reality, much stronger than specified. 

¶ Note that the difference between the measured and specified toughness in EN 10025 is 45 °K. 

¶ Since +7 °K is close to 0 °K, it is acceptable to use an adjustment of 0 °K when steels manufactured 

to EN 10025 are used, since it is conservative. 0 °K is used in the EN 1993-1-10 design table.   

ȹTŮᵌ is the adjustment for a strain rate other than the reference strain rate. 

¶ The design table assumes reference strain rate of Ů0 = 10-4/sec, which is suitable for dynamic action 

effects for most transient and persistent design situations. 

¶ For other strain rates (e.g., impact loads), Equation 2-7 should be used.  

 ЎὝ ρττπὪὸ υυπϳ ÌÎ‐‐ϳ Ȣ ᴈ  Equation 2-7 

ȹTŮcf is the adjustment for the degree of cold forming Ůcf. The design table assumes non-cold-formed 

material with Ůcf = 0%. For any non-zero Ůcf, an adjustment is calculated using Equation 2-8.  

 ЎὝ σ‐  ᴈ  Equation 2-8 

Step 5 ï A steel sub-grade is then selected from the design table ï Table 2.1 in EN 1993-1-10. Based on 

the maximum stress of the component, ůEd, calculated in Step 4, expressed as a proportion of yield strength, 

the designer finds the stress level in Table 2.1 (0.75, 0.50, or 0.25·fy(t)). The designer then finds the column 

corresponding to the reference temperature calculated in Step 5. Based on the maximum plate thickness, 

the required grade and sub-grade of steel can be determined. Conversely, if the sub-grade is known, the 

maximum allowable plate thickness for the component can be determined. Linear interpolation can be used 

for values of ůEd / fy(t) between the three tabulated values, or the next highest value can be used. 
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Table 2-1 Eurocode Simplified Method Design Table Excerpt (reproduced from EN 1993-1-10) 

  
KV 

Reference Temperature, TEd ώ□C] 

Èd 0.75 fy(t)         Èd 0.5 fy(t)         Èd 0.25 fy(t)         

Steel 
Grade 

Sub-
grade 

at T ώ□C] Jmin 10 0 -10 -20 -30 -40 -50 10 0 -10 -20 -30 -40 -50 10 0 -10 -20 -30 -40 -50 

S235 

JR  20 27 60 50 40 35 30 25 20 90 75 65 55 45 40 35 135 115 100 85 75 65 60 

J0  0 27 90 75 60 50 40 35 30 125 105 90 75 65 55 45 175 155 135 115 100 85 75 

J2  -20 27 125 105 90 75 60 50 40 170 145 125 105 90 75 65 200 200 175 155 135 115 100 

S275 

JR  20 27 55 45 35 30 25 20 15 80 70 55 50 40 35 30 125 110 95 80 70 60 55 

J0  0 27 75 65 55 45 35 30 25 115 95 80 70 55 50 40 165 145 125 110 95 80 70 

J2  -20 27 110 95 75 65 55 45 35 155 130 115 95 80 70 55 200 190 165 145 125 110 95 

M, N  -20 40 135 110 95 75 65 55 45 180 155 130 115 95 80 70 200 200 190 165 145 125 110 

ML, NL  -50 27 185 160 135 110 95 75 65 200 200 180 155 130 115 95 230 200 200 200 190 165 145 

S355 

JR  20 27 40 35 25 20 15 15 10 65 55 45 40 30 25 25 110 95 80 70 60 55 45 

J0  0 27 60 50 40 35 25 20 15 95 80 65 55 45 40 30 150 130 110 95 80 70 60 

J2  -20 27 90 75 60 50 40 35 25 135 110 95 80 65 55 45 200 175 150 130 110 95 80 

K2, M, 
N  

-20 40 110 90 75 60 50 40 35 155 135 110 95 80 65 55 200 200 175 150 130 110 95 

ML, NL  -50 27 155 130 110 90 75 60 50 200 180 155 135 110 95 80 210 200 200 200 175 150 130 

 

Based on Table 2-1, if the thickness of a steel exceeds the value in the table for a given reference temperature, 

then the material is at risk of brittle fracture. As this table only reaches temperatures of -50 °C, for colder 

temperatures reaching as low as -120 °C, there is an extended table in the European Commission Joint 

Research Centre (JRC) report titled ñChoice of Steel Material to Avoid Brittle Fracture for Hollow Section 

Structuresò (Feldmann et al., 2012). Additionally, it is noted that if a grade of steel is unknown, then a 

conservative assumption can be made by assuming the values of the first row of the table, S235JR steel, as 

it has a particularly low fracture resistance (Zamiri et al., 2018).  

2.3.4.2 Eurocode Fracture Mechanics Method 

Along with the simplified method, an alternate and more complex way of determining the toughness 

requirement is presented in the commentary to EN 1993-1-10, EUR 23510 EN (Sedlacek et al., 2008), using 

fracture mechanics. This method can be expressed in terms of stress intensity factor (K-value) or 

temperature. Each of these possibilities are described in the next sections. Regardless of the units, the basis 

of this analysis method is to ensure that the effects on the ñactionò side of the limit state function cannot 

exceed the effects of the material ñresistanceò side. This can generally be expressed as: 

Load/Action Side  Material Resistance Side 

Kappld Ò KMat 

TEd Ó TRd 

2.3.4.2.1 Stress Intensity Factor Format 

The first format of the fracture mechanics method involves verifying that the toughness of the material 

(KMat, which is a function of TEd) is greater than the corresponding applied load effect (expressed as the 
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stress intensity factor, Kappld). This is shown in Equation 2-9 (Sedlacek et al., 2008), and the input parameters 

are described in the following paragraphs. The original master curve, which forms the basis of this method 

was developed in Wallin (1998). It is noted that the master curve approach is only valid for the lower shelf 

of ferritic steels and cannot be used to make predictions on upper shelf behaviour. Equation 2-9 is presented 

in SI units (MPa, m, mm, °C).  

 
ὑᶻ ςπ χπÅØÐ

ᴈЎ
ρπϽ   Equation 2-9 

The left hand of the inequality represents the load/action side of the limit state function, the adjusted stress 

intensity factor K*
appld is expressed as Equation 2-10. 

 
ὑᶻ

ὑ

Ὧ ”
 Equation 2-10 

In this equation, the applied stress intensity factor, Kappld, is calculated using Equation 2-11. 

 ὑ „ “ὥ ϽὣϽὓ    ὓὖὥЍά  Equation 2-11 

where ůEd is the design value of stress applied from external loads, plus 100 MPa to account for tensile 

residual stresses that may be present due to welding [MPa]. 

ad is the critical design size of the crack, in other words, the final size at the end of the safe operating period 

[m]. This is not to be confused with a0, which is the initial size of the crack, often measured through non-

destructive testing (NDT) methods or assumed when it cannot be measured. Reasonable assumptions of 

initial crack size would be the smallest detectable size from NDT methods or estimated using equations 

provided by Sedlacek et al. (2008). Equation 2-12 shows how ad would be calculated, where ȹaFCG is the 

amount of fatigue crack growth over a service period (Zamiri et al., 2018). Section 2.7 highlights more 

literature on the definition of ad. 

 ὥ ὥ Ўὥ  Equation 2-12 

Y is the correction function for various crack positions and shapes [-]. The determination of Y depends on 

whether the crack is semi-elliptical, double edge, through-thickness, or single-edge. Table 2-3 in Sedlacek 

et al. (2008) shows equations for Y based on different literature sources from Raju-Newman and Murakami 

for different crack configurations. An excerpt of this table is shown in Figure 2-8. 
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Figure 2-8 Excerpt of Table 2-3 SIFs for various crack configurations (Sedlacek et al., 2008)  

Mk is a stress intensity correction factor for attachments with semi-elliptical cracks at a weld toe [-]. The 

factor is taken as unity if the crack is non-semi-elliptical. The factor is retrieved from Table 2-4 in EUR 

23510 EN (Sedlacek et al., 2008). An excerpt of the table is shown in Figure 2-9. 



20 

 

 

Figure 2-9 Excerpt of Table 2-4 Mk for semi-elliptical surface cracks at different welded 

attachments (Sedlacek et al., 2008) 
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The action side stress intensity factor, Kappld, needs to be adjusted by two factors to account for local 

plasticity and residual stresses. These are the parameters in the denominator of Equation 2-10. 

kR6 is a plasticity correction factor to account for local plasticity at the crack tip, ranging from 0.816 to 1, 

based on the R6 Failure Assessment Diagram (FAD). This is calculated using Equation 2-13, but as a 

conservative measure, it may also be taken as 0.816 (Zamiri et al., 2018). 

 

Figure 2-10 R6 Failure Assessment Diagram (Sedlacek et al., 2008) 

 Ὧ
ρ

ρ πȢυὒ
 Equation 2-13 

In this equation, Lr is the ligament yielding parameter, defined as 

 ὒ
„

„
 Equation 2-14 

where ůEd is the externally applied stress to the gross section [MPa], plus 100 MPa to account for residual 

stresses from welding. ůgy is the stress applied to the gross section to obtain net section yielding [MPa], 

which is dependent on the crack type: surface, through-thickness, double edge, etc. 

ɟ is a correction factor for local residual stresses caused by welding and is taken as zero for non-welded 

details. For welded details, the value of ɟ is dependent on the value of Lr. A more detailed breakdown of 

the determination of ɟ is found in Table 2-6 of Sedlacek et al. (2008) (see Figure 2-11). 



22 

 

 

Figure 2-11 Definition of ɟ (Sedlacek et al., 2008) 

Equation 2-15 expresses the material resistance, which is derived using a base material K from the Wallin 

Master Curve (Wallin, 1998), modified for TK100 (the temperature associated with a fracture toughness of 

100 MPaĿãm) using the Sanz correlation, with the addition of the safety modification ȹTR. 

 

ὑ Ὕ ςπ χπÅØÐ
Ὕ Ὕ ρψᴈῳὝ

υς
ρπϽ

ςυ

ὦ
 Equation 2-15 

beff represents the length of the critical crack front. Similar to ůgy, it is also dependent on the crack type. The 

equations are given in Table 2-7 in the EUR 23510 EN and are functions of either the depth of the flaw or 

plate thickness, depending on the various crack types (Sedlacek et al., 2008) (see Figure 2-12). 
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Figure 2-12 Definition of beff (Sedlacek et al., 2008) 

2.3.4.2.2 Temperature Format 

The fracture mechanics method may also be expressed in terms of equivalent temperature. Since the 

equation is on the temperature scale, the effects on the action side Ed, are required to be greater than the 

resistance side, Rd, in other words, Ὕ   Ὕ . 

On the action side, the sum of the applied action effects is shown in Equation 2-16. 

 Ὕ Ὕ ЎὝ ЎὝ ЎὝ ЎὝ ЎὝ    ᴈ  Equation 2-16 

where Tmd, ȹTr, ȹTR, ȹTŮᵌ, and ȹTŮcf are the same as the parameters of the same name in the simplified 

method presented in Section 2.3.4.1. The major difference in fracture mechanics is the determination of 

ȹTů, the adjustment for the influence of member shape, size and dimension, shown in Equation 2-17. 

 ЎὝ υςÌÎ ρςπ  ὑ  Equation 2-17 

where Kappld, kR6, ɟ and beff are the same as defined in Section 2.3.4.2.1. On the resistance side, the effective 

ñstrengthò of the material converted into temperature units is determined by Equation 2-18. 
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 Ὕ Ὕ ЎὝ  ᴈ  Equation 2-18 

In this equation, the influence of material toughness, TK100, is obtained using the Sanz Correlation shown in 

Equation 2-19, which relates the temperature corresponding with a fracture toughness of 100 MPaĿãm to 

the temperature at which a Charpy sample absorbs 27 J of energy, T27J. 

 Ὕ Ὕ ρψ   ᴈ  Equation 2-19 

In a steel plate, the toughness varies between the surface area and core area of a plate due to inhomogeneity 

of the material. In general, when a thick plate cools it solidifies from the outer surface towards the core area, 

causing a decrease in toughness from the surface to the core of thick plates (Sedlacek et al., 2008). Due to 

this cooling phenomena, Zamiri et al. (2018) summarizes that the lower solubility of impurities and gases 

means that they will concentrate more in the regions that cool the latest; in other words, the outer regions 

are more pure and thus have higher quality of mechanical properties. The variation of material toughness 

in the through-thickness direction is represented by the new term ȹTt and the relation shown in Equation 

2-20, where t is the plate thickness in mm, and this is also illustrated in Figure 2-13 (Sedlacek et al., 2008).  

 ЎὝ ρςȢωÔÁÎÈρȢωϽÌÎὸ χȢφ ρςȢψ   ὑ Equation 2-20 

 

Figure 2-13 Thick plate inhomogeneity temperature shift curve (Sedlacek et al., 2008) 

2.3.4.2.3 Basis of the Master Curve approach and Derivation of Stress Intensity Factor Equation 

in the Eurocode Background Document EUR 23510 EN 

A cumulative probability density (CDF) function for cleavage fracture has been fitted to brittle fracture 

toughness test data (Wallin, 1992) and takes the form shown in Equation 2-21. This may also be called the 

ñfracture probability cleavage modelò (Viehrig et al., 2010). 
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ὖ ρ ÅØÐ

ὑ ὑ

ὑ ὑ
 Equation 2-21 

In this equation, K0B is a specimen thickness- and temperature-dependent normalization parameter. This 

parameter allows the original CDF to be corrected based on different test temperature and specimen 

thicknesses. At a constant temperature, the relationship between K0B and thickness dependence can be 

defined by the following equation, which is later used to make a thickness adjustment in the CDF: 

 

ὑ ὑ ὑ ὑ
ὄ

ὄ
 Equation 2-22 

where B1 is the reference thickness and K0B1 is the stress intensity factor associated with test specimens of 

size B1, and B2 is the new thickness of interest, and K0B2 is the stress intensity factor associated with 

specimens of size B2. Kmin represents a lower bound fracture toughness of the material of interest, which in 

the case of steel materials, is approximately ςπ -0ÁЍÍ. Wallin (1992) states that Equation 2-22 has been 

validated with test data for a large number of structural steels, ranging between low and high strength and 

10 mm to 200 mm thicknesses. The previous equation is rearranged to solve for K0B2: 

 

ὑ ὑ ὑ
ὄ

ὄ
ὑ  Equation 2-23 

K0B2 is then substituted in place of K0B in the original CDF equation, to achieve a thickness-adjusted CDF: 
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ὖ ρ ÅØÐ
ὄ

ὄ

ὑ  ὑ

ὑ ὑ
 

Equation 2-24 

In this equation, B1 is the reference thickness of 25 mm, which is the thickness of the typical compact 

tension (CT) specimens tested in the process of generating the master curve. As B1 is now assigned to the 

ñreference thicknessò and is constant, and B2 is variable, the parameters can be re-defined as B0 and B, 

respectively. The parameter K0B1 can also be re-defined as simply K0.  
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The thickness-adjusted CDF function becomes: 

 
ὖ ρ ÅØÐ

ὄ

ὄ

ὑ ὑ

ὑ ὑ
 Equation 2-25 

This equation is then rearranged to solve for KIc: 
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Equation 2-26 

Previously in the original CDF, K0B was defined as a thickness and temperature-dependent normalization 

parameter. After applying the thickness adjustment to the CDF function, K0B is replaced with K0, now a 

temperature dependent parameter. In Equation 2-26, K0 is a function following the form: 

 ὑ ‌ ‍ϽÅØÐ‎ϽὝ Ὕ  Equation 2-27 

In this equation, ‌ ‍ ρπψ -0ÁЍÍ, ɔ is a material constant, and T0 is defined as the temperature at 

which the mean fracture toughness is ρππ -0ÁЍÍ (Wallin, 1992). Based on experimental data, the values 

of Ŭ, ɓ, and ɔ do not vary significantly between different types of materials, and accordingly, different yield 

strengths. This can be observed in the toughness-temperature transition curve for 25 mm thick specimens 

(see Figure 2-14 (Wallin, 1992)), where the fitted curve using the same Ŭ, ɓ, and ɔ values fits well for the 

various materials tested. Considering these parameters to be material independent and constants, they are 

found to be Ŭ = 31, ɓ = 77, and ɔ = 0.019. The K0 equation takes the following form. 

 ὑ σρχχϽÅØÐπȢπρωϽὝ Ὕ  Equation 2-28 



27 

 

 

Figure 2-14 Temperature dependence of K0 for 25 mm specimens (Wallin, 1992) 

Substituting K0 into the KIc equation: 

 

ὑ ὑ σρ χχϽÅØÐπȢπρωϽὝ Ὕ ὑ
ὄ

ὄ

Ⱦ

ÌÎ
ρ

ρ ὖ
 Equation 2-29 

The Eurocode uses the median cumulative fracture probability (Viehrig, Zurbuchen, Schindler, & Kalkhof, 

2010). Substituting the 50th percentile as Pf, the equation becomes: 

 
ὑ ὑ σρ χχϽÅØÐπȢπρωϽὝ Ὕ ὑ

ὄ
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ὑ ὑ σρχχϽÅØÐπȢπρωϽὝ Ὕ ὑ
ὄ

ὄ
πȢωρςτ 

ὑ ὑ ςψȢςψχπȢςυϽÅØÐπȢπρωϽὝ Ὕ ὑ
ὄ

ὄ
 

 

Equation 2-30 
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Finally, substituting ὑ ςπ -0ÁЍÍ and B0 = 25 mm, the KIc equation becomes: 

 

ὑ ςπ ςψȢςψχπȢςυϽÅØÐπȢπρωϽὝ Ὕ ςπ
ςυ

ὄ
 

ὑ ςπ χπȢςυϽÅØÐπȢπρωϽὝ Ὕ ψȢςψ
ςυ

ὄ
 

Equation 2-31 

The final format of the derived KIc equation is very close to the stress intensity inequality presented in the 

Eurocode fracture mechanics section for the material resistance side: 

 

ὑ ςπ χπϽÅØÐ
Ὕ Ὕ

υς
ρπ

ςυ

ὄ
 Equation 2-32 

where 0.019 å 1/52, Ὕ Ὕ , and it is suspected 70.25 was rounded to 70, and 8.28 was rounded to 10. 

2.3.5 Further Contributions to European Brittle Fracture Standards  

2.3.5.1 Strain Rate Effects on Brittle Fracture 

Kühn (2005) provides information on the impact of strain rate on toughness. Typical strains range from 

1x10-4 and 5x103 for steels with a yield strength between 178 MPa and 890 MPa. Notably, traffic loads 

(vehicle crossings) fall into the category of quasi-static loading, thus, in most cases, one can neglect the 

strain rate effect for bridge structures. While there is a dynamic effect when a truck crosses over a bridge, 

Kühn (2005) shows that the maximum strain rate never occurs at the same time that the maximum stress 

occurs. To illustrate, if one were to assume the influence line due to a moving truck follows a sinusoidal 

curve, the maximum strain rate occurs when the stress level is zero. Further investigation was done on the 

effect when both stress and strain (ů and Ů) are non-zero but not at their absolute maxima, and it was shown 

that the resulting largest strain effect (ȹTů, found to be 7 °K) is overall negligible.  

2.3.5.2 Conversion CVN Test Temperature into Equivalent 27J Temperature 

Kühn (2005) also derived an important equation which can be used to convert Charpy test data at different 

temperatures and impact energies to an equivalent T27J, or vice versa. 

 Ὕ Ὕ τρȢσσψȢρφϽЍὑὠ ρȢσχσ Equation 2-33 

where KV is the fracture toughness of a particular steel grade [J] at test temperature TKV. Equation 2-33 is 

used in this project to enable comparisons between the Eurocode, AASHTO and CSA S6 tables. 

2.4 Previous Work on Code Calibration and Reliability Analysis 

A study done by Kennedy and Gad Aly in 1980 laid the foundation for making recommendations to the 

limit states design provisions in CSA S16 (Canadian Standards Association, 2019). Geometric and material 
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properties for W shapes, including their mean and coefficient of variation (COV) for steel columns and 

beams, were established based on measurements and coupon tests from Canadian mills (Kennedy & Gad 

Aly, 1980). Geometrical properties were measured and compared to the nominal dimensions through a 

geometric ratio, ɟG (measured dimension / nominal dimension). Material properties (i.e. yield stress) was 

tested and compared to the nominal yield stress through a material ratio, ɟM (tested yield stress / nominal 

yield stress). The study then related the tested capacity to the theoretical capacity (flexure and compression) 

to establish a professional ratio, ɟP. These three ratios were multiplied together into an overall resistance 

ratio ɟR, used along with the coefficient of variation, V, in an exponential model to determine a performance 

factor, ʟ , for various limit states, which captures the uncertainty in the prediction of structural resistance. 

The target reliability index, ɓ, used to establish ʟ was 3.0, which was representative of simple beams and 

axially loaded columns at the time. The modes of failure investigated were flexure (laterally supported and 

unsupported) and compression. It was found in this study that the performance factor of 0.9 previously 

established for various limit states in S16 was conservative except for the cases of buckling for W and HSS 

shapes (Kennedy & Gad Aly, 1980). 

In a comprehensive four-part paper series on fatigue reliability, the Committee on Fatigue and Fracture 

Reliability of the Committee on Structural Safety and Reliability of the Structural Division (American 

Society of Civil Engineers, 1982) presented an exploration into various aspects of fatigue analysis and 

structural integrity. Part 1 served as a foundational introduction, detailing the general process of fatigue 

crack growth and introducing key methodologies for modeling S-N relationships, such as the Basquin 

Equation and Lagner Model. Additionally, the authors provided typical fatigue data from literature, such as 

the COV of the number of cycles to failure. Part 2 covered quality control and maintenance techniques for 

bridges. Visual inspection can be performed at a rate of 0.8 ft2 (750 cm2) per minute, though the speed 

would be slower with a magnifier. Visual inspection is often dependent on the surface condition, and 

cleaning the surface may also take additional time. The paper discussed the sensitivity of non-destructive 

inspection (NDI) methods, including dye-penetrant, ultrasonics, x-ray, and magnetic particle inspection. 

highlighting the challenges of translating lab-controlled testing conditions to real-world field inspections. 

There are limited data on the sensitivity of these results under field conditions, though the general consensus 

is that field inspections may be less effective compared to lab-controlled conditions of testing. Part 3 of the 

series delves into variable amplitude loading, practical fatigue loads encountered in practice, and 

considerations for crack propagation. The authors presented Minerôs rule, Wide Band Stresses (also known 

as Rainflow Method), and Parisô Law for cumulative damage calculation, cycle counting, and 

understanding fatigue crack propagation over time. Building upon these foundational principles, Part 4 of 

the series focused on the integration of methods presented in the preceding papers. It explored the 

application of reliability-based design principles and criteria for assessing structural fatigue. 
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Kennedy & Baker (1984) further studied resistance factors for the Ontario Highway Bridge Design Code, 

building upon prior work by Kennedy & Gad Aly (1980) and Nowak & Lind (1979). This work considered 

factors such as truncated distribution curves, fitting appropriate curves to experimental data, and accounting 

for skewness, in addition to addressing errors in measurement that could inflate coefficients of variation. 

The authors noted that continuous bridges may be assigned a lower safety index compared to single-span 

bridges, recognizing differences in collapse mechanisms. Monte Carlo simulation (MCS) was used to 

construct statistical distribution curves for resistance functions, considering geometric properties, material 

properties, and test/predicted ratios. Mean values and coefficients of variation were derived assuming 

lognormal distribution curves, which were very close to those obtained from the MCS distributions. Using 

a target reliability index of 3.5, resistance factors were then developed for various failure modes, including 

fully plastic moment resistance, yield moment resistance, inelastic buckling moment resistance, elastic 

buckling moment resistance, composite moment resistance, and column resistances, considering different 

slenderness parameter values. The authors recommended a general resistance factor of 0.93 for both welded 

and rolled sections, applicable to both single-span and multi-span bridges. Specifically for laterally 

supported steel bridges, the authors recommended resistance factors of 0.95 for welded sections and 0.98 

for rolled sections. They also note that their original target reliability index of 3.5 may be lowered to 3.0 

for some cases. 

Two decades later in 2002, Schmidt & Bartlett (2002) reassessed the resistance factors from the Kennedy 

& Gad Aly (1980) study. One of the key driving factors for this reassessment was that the manufacturer 

that supplied materials for the previous study had ceased to produce W shapes in Canada, and it was 

beneficial to perform a reassessment from steels manufactured in Canada and imported from the United 

States to obtain a more comprehensive data set. Additionally, the resistance factors from CSA S16 needed 

to be reviewed, as over the decades, there had been changes in the industry and how steels were 

manufactured and underwent quality control procedures. New material tests were performed, and data was 

gathered based on steel from numerous major steel suppliers across North America. A similar procedure to 

Kennedy & Gad Aly (1980) was followed, using ŭ instead of ɟ as notation for the ratio between the 

measured to nominal parameter. Yield strength, ultimate strength, and modulus of elasticity were 

investigated. In this study, it was found that the ratio of actual to nominal dimensions had improved (i.e. a 

reduction in the scatter was observed), likely due to reduced tolerances in CSA G40.20, and the yield 

strength bias factor increased and COV decreased for HSS and WWF shapes compared to the Kennedy & 

Gad Aly study. However, the statistical parameters were found to be slightly worse for W shapes (Schmidt 

& Bartlett, 2002).  
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The fundamental principles developed in these seminal works continue to be employed to establish safety 

levels for failure modes and structural elements not included in previous calibration efforts. For example, 

a fatigue reliability analysis was performed on steel-concrete composite shear connectors in one study, 

where MCS was used along with an iterative structural analysis (employing a structural model developed 

in the software SAP 2000, along with a Python script that ñturns offò elements to simulate connector failures) 

to model the progressive sequence of shear connector failures under cyclic fatigue loading (Sjaarda et al., 

2021). In another study, MCS was used to study the effects of slenderness, eccentricity, concrete strength 

on the reliability index of concrete-filled HSS beam-columns, comparing the new and previous design rules 

against target reliability indices (Rahbarimanesh & Tousignant, 2024). It is noteworthy that brittle fracture 

was not assessed as a mode of failure in any of these aforementioned studies. 

Despite significant work on reliability analyses with respect to other failure modes (e.g., yielding, buckling, 

fatigue), similar studies on brittle fracture are extremely scarce. This highlights the ongoing need for a 

comprehensive probabilistic assessment of brittle fracture risk in steel bridges. 

2.5 Previous US Study on Brittle Fracture using MCS and Probabilistic Analysis 

One more recent development on the subject of probabilistic brittle fracture analysis is a study from US 

Department of Transportation in 2018 (Artmont et al., 2018). In this study, the methods used generally 

followed the same fracture mechanics principles and equations presented in the Eurocode, EN 1993-1-10, 

where a limit state function was set such that failure occurred if the applied K is greater than the material 

resistance K. Two different types of cracks were assessed: a single edge crack and semi-elliptical crack. 

Both cases assumed to occur on the tension flange of a girder. The minor differences between this study 

and the Eurocode methodology were observed in the equations for correction factors Mk and Q, and a 

slightly different a/c ratio for a semi-elliptical crack shape case. 

MCS was employed in this probabilistic study. Crack sizes were assumed to be deterministic because there 

was no sufficient database on flaw sizes in steel bridges to use for generating realistic statistical parameters. 

The applied dead and live load were assumed to follow normal distributions. Statistical parameters for loads 

were obtained from NCHRP Report 386 (Nowak, 1999), used to represent a typical highway bridge.  

This study used a time-invariant approach, where the live load and temperature were assumed to be a single 

point in time. The bias factor and COV for live load were selected as a 1-month maximum for a 100 ft span. 

The service temperature was assumed as -30 °F, for AASHTO Zone 2 conditions.  
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Some of the steels investigated in this study were ñlegacy steelsò and some were modern: 

¶ Legacy ASTM A242 

¶ Legacy ASTM A572 Grade 50 

¶ Modern ASTM A709 Grade 50 

¶ Modern ASTM A709 Grade 50W 

¶ Modern ASTM A709 HPS50W 

Two plate thicknesses were assessed in the study: 1 in (25.4 mm) and 2.5 in (63.5 mm). Crack sizes were 

varied from 0.1 in (2.5 mm) to 0.65 in (16.5 mm), with increments of 0.05 in (1.27 mm). Each material was 

simulated for the different combinations between each of the plate thicknesses, crack types, and crack sizes. 

Preliminary simulations used 50 000 trials in an Excel spreadsheet. Later, 5 million trials were tested but it 

was found that the reliability indices did not change much with the larger number of samples.  

The reliability index, ɓ, is a numerical measure of the level of reliability in a system. A higher reliability 

index is associated with a lower probability of failure, and vice versa. In this study, each simulation 

produced a probability of failure (number of failed trials divided by 50 000 total trials) which was then 

converted into a corresponding ɓ value. It was found that the reliability index decreased as crack size 

increased, as expected. The reliability index also decreased for thicker components, which was also 

expected as it is well known that thicker plate behaviour is more brittle. It was also found that the reliability 

index was higher for the semi-elliptical crack than the edge crack, for the same flaw size. The authors 

explain that the single edge crack has a higher stress intensity due to the crack shape parameter Y. 

Further in the study, the maximum crack sizes corresponding with a target reliability index of 3.5 were 

presented for each material. This target index value corresponds to the AASHTO specification for a target 

failure rate of 1/5000 within the 75-year design life span of a bridge (AASHTO, 2017). Not unexpectedly, 

the maximum allowable crack size decreased as the plate thickness increased for each material. The 

allowable crack size was smaller for the edge crack, again because of the higher stress intensity. 

Additionally, the modern steels generally had a higher allowable crack size compared to the legacy steels. 

For example, for a semi-elliptical crack in a 1 in (25.4 mm) plate, the maximum crack sizes were in the 

range of 0.16 in (4.1 mm) to 0.2 in (5.1 mm) for the legacy steels compared to the range of 0.2 in (5.1 mm) 

to 0.52 in (13.2 mm) for the modern steels.  

Overall, for the same plate thickness, the modern steels generally had improved performance. However, 

this increase in performance is more prominent for larger crack sizes than smaller crack sizes for the modern 

steels. For example, the reliability index was more than doubled at a = 0.65 in (16.5 mm) for Modern A709 

vs. Legacy A572, and was only 15% better at a = 0.1 in (2.5 mm) for Modern A709 vs Legacy A572. This 
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can be attributed to the stress intensity factor equation, where the square root of the crack size is taken, so 

the influence of a is more prominent in the stress intensity factor K at smaller crack sizes. In other words, 

at smaller crack sizes, reliability is more influenced by demand rather than material resistance.  

These results demonstrate extra benefit in using modern steels: if there are manufactured defects, corrosion 

effects, damage and fatigue which can cause larger cracks to be present in the material over its lifetime, the 

improvement in reliability associated with modern steels means that these structures would likely be safer 

than those fabricated with legacy steels. The main objective of this US study was to quantify the relationship 

between material toughness and fracture reliability in steel bridges in a probabilistic framework using MCS, 

though there are several limitations on the scope of the work. Only two plate thicknesses were assessed: 1 

in (25.4 mm) and 2.5 in (63.5 mm), which certainly shows the effect of plate thickness on brittle fracture 

resistance but does not extend further to illustrate the results from a wider range of thicknesses. Only one 

temperature zone was assessed: AASHTO Zone 2, -30 °F, which corresponds to approximately -34 °C. The 

omission of other temperature zones, such as AASHTO Zone 3 (-60 °F, -51 °C), limited the study's 

applicability to regions with severe climates, similar to those in Canada. Additionally, this study did not 

consider time-dependency, and assumed that an extreme temperature and extreme load occurs at the same 

time. Nonetheless, the findings highlighted the benefits of using modern steels in improving structural 

reliability, particularly in mitigating the effects of manufactured defects, corrosion damage, and fatigue, 

which can cause larger cracks to be present over the course of the bridge lifespan. 

2.6 Suggested Revisions to CVN Requirements in Literature 

A study done by Altstadt et al. (2014) examined the current base metal CVN requirements for ASTM A709 

grades. In the study, a quantitative comparison between grades was done by finding the ratio between yield 

strength and fracture toughness (YS/Kc). The fracture toughness was estimated using the master curve 

method proposed by Wallin (1992) with an assumed probability of failure, Pf  = 0.5, and plate thickness, ɓ 

= 50.8 mm. It is noted that the master curve method is also the foundation of the Eurocode provisions for 

design against brittle fracture. The master curve takes the following form. 
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 Equation 2-34 

In this equation, T is the actual temperature and T0 is defined as the temperature at which the median fracture 

toughness is ρππ -0ÁЍÍ. In Altstadt et al. (2014), yield stress is considered to be the demand, and Kc the 

resistance. A high YS/Kc ratio is taken to represent a low fracture resistance and vice versa. The study 

presents two tables of YS/Kc ratios, for static loading and dynamic loading. It was observed that there were 

large variations in the YS/Kc ratios, ranging between 3.1 to 7.2 for static loading, and ranging between 4.4 
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to 9.0 for dynamic loading. This indicated a significant variation in brittle fracture risk between the steel 

grades, where the authors suggest that the CVN test temperatures and minimum impact energies should be 

adjusted such that there is less variation between the brittle fracture risks. Notably, the lowest YS/Kc ratio 

was observed for the 250 MPa (36 ksi) grade in most cases ï the only exception being the 50 ksi (HPS350W) 

in Zone 1 having slightly better fracture resistance, as shown in Table 2-2. 

Table 2-2 YS/Kc Ratios for Static and Dynamic Loading (Altstadt, Wright, & Connor, 2014) 

 Static Loading 1/10-s Loading Rate to Failure 

Grade 
Zone 1 

1/m1/2 (1/in.1/2) 

Zone 2 

1/m1/2 (1/in.1/2) 

Zone 3 

1/m1/2 (1/in.1/2) 

Zone 1 

1/m1/2 (1/in.1/2) 

Zone 2 

1/m1/2 (1/in.1/2) 

Zone 3 

1/m1/2 (1/in.1/2) 

250 MPa (36 ksi) 3.6 (0.6) 3.5 (0.6) 3.6 (0.6) 4.6(0.7) 4.7 (0.7) 4.9 (0.8) 

250 MPa (50 ksi) 5.0 (0.8) 4.9 (0.8) 5.0 (0.8) 6.4 (1.0) 6.5 (1.0) 6.8 (1.1) 

50 ksi (HPS350W) 3.1 (0.5) 3.9 (0.6) 4.8 (0.8) 4.4 (0.7) 5.3 (0.8) 6.3 (1.0) 

70 ksi (HPS485W) 3.7 (0.6) 4.7 (0.7) 5.8 (0.9) 5.1 (0.8) 6.2 (1.0) 7.5 (1.2) 

690 MPa (100 ksi) 7.2 (1.1) 7.1 (1.1) 7.2 (1.1) 8.6 (1.4) 8.7 (1.4) 9.0 (1.4) 

100 ksi (HPS690W) 4.5 (0.7) 5.7 (0.9) 7.2 (1.1) 5.8 (0.9) 7.2 (1.1) 9.0 (1.4) 

 

It is observed that the 250 MPa (36 ksi) grade had the lowest YS/Kc ratio for most of the categories in Table 

2-2, with the only exception being the 50 ksi (HPS350W) in Zone 1 being slightly better. The authors 

identified that it would be most appropriate to use a uniform crack tolerance that is consistent across all 

grades, but there was insufficient data within the U.S. bridge industry to define a suitable critical defect size 

or crack tolerance. Thus, the authors calibrated CVN requirements based on the 250 MPa (36 ksi) steel 

grade as a baseline, given its historically good performance. New CVN requirements were suggested to 

make the fracture resistance more consistent across the different steel grades and temperature zones, as 

summarized in Table 2-3. 

Table 2-3 Calibrated CVN Requirements (Altstadt, Wright, & Connor, 2014) 

Yield Strength CVN Energy 
Zone 1 

LAST = -18°C (0°F) 

Zone 2 

LAST = -34°C (-30°F) 

Zone 3 

LAST = -51°C (-60°F) 

MPa (ksi) J T (°C) T (°C) T (°C) 

250 (36) 34 21 4 -12 

350 (50) 41 -4 -20 -35 

485 (70) 41 -29 -45 -61 

690 (100) 41 -49 -65 -81 
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As of the latest iteration of AASHTO LRFD Part 6 (AASHTO, 2020), the suggestions made by Altstadt et 

al. (2014) have not yet been implemented.  

2.7 Initial and Design Crack Size from Literature 

One of the critical parameters required for application of the Eurocode fracture mechanics-based approach 

is a design crack size, ad. This parameter is defined in the Eurocode as the sum of an initial flaw size a0 and 

the fatigue crack growth over time. In Sedlacek et al. (2008), the fatigue crack growth is calculated over 

500 000 cycles, which is suggested to represent approximately one quarter of the service life.  

 ὥ ὥ Ὠὥ Equation 2-35 

The initial crack size, a0, is assumed to depend on plate thickness and taken as: 
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where t is the plate thickness [mm], and t0 = 1 mm. 

The basis for Equation 2-36 appears to be the European Standard EN 10163-3 (European Standard, 2004), 

wherein the maximum permissible depths of discontinuities for welds are tabulated in a step function and 

also depend on plate thickness. Smaller imperfections are considered to be inherent of the manufacturing 

process and are permissible. Additionally, there is no limit on the number of defects permissible under the 

threshold sizes. Surface defects exceeding these depths would need to be repaired before the structure is 

commissioned. Given the initial crack size, a0, the resulting design crack size, ad, after fatigue crack growth 

is modelled, can also empirically be represented as a function of plate thickness, and is taken as: 

 ὥ ςϽρπ ὸ φϽρπ ὸ πȢρστρϽὸ πȢφστω Equation 2-37 

In the report by Zamiri et al. (2018), the authors also say that ad may be approximated as half the thickness 

of the cracked plate for simplicity. The book by Nussbaumer et al. (2011) provide a similar equation for ad 

that includes stress ranges, where ȹůref = 100 N/Śmm is the reference stress range. However, it is unclear 

how this equation was developed to include the stress ranges (and thus, was not used in the subsequent 

analyses for the current study).  
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In the European Standard EN 10163-3 (European Standard, 2004), the maximum permissible depths of 

discontinuities are listed in a table for Class C (general applications), shown in Table 2-4.  

Table 2-4 Maximum Permissible Depth of Discontinuities for Class C (European Standard, 2004) 

Nominal thickness of the product, 

t [mm] 

Maximum permissible depth of 

discontinuities [mm] 

3 Ò t < 6 20% of t 

6 Ò t < 20 1.2 

20 Ò t < 40 1.7 

40 Ò t < 80 2.5 

80 Ò t < 160 3.0 

 

Imperfections smaller than the values in the table are considered to be inherent of the manufacturing process 

and are permissible. Additionally, there is no limit on the number of defects permissible under the threshold 

sizes, i.e. a plate containing one defect and another plate containing one hundred defects, all under the 

permissible depth of discontinuities, are acceptable plates. Surface defects exceeding these depths would 

need to be repaired before the structure is commissioned. These values in the table correspond loosely with 

the values calculated using the a0 equation presented in Equation 2-36. For example, a plate of 25 mm 

thickness has a a0 = 1.61 mm, which is close to the permissible depth in the table of a0 = 1.7 mm.  

Figure 2-15 illustrates these relationships of initial crack size, a0, and design crack size, ad, determined by 

the Eurocode (EN 10163-3 and EUR 23510 EN). The vertical difference between ad and a0 is the allowable 

crack growth for the corresponding plate thickness. In Kühn (2005), a similar figure exists with a lower 

bound on ad = 3 mm for thinner plates below 16 mm.  
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Figure 2-15 Initial and design crack sizes from EUR 23510 EN and EN 10163-3 

Unlike the European standards, both Canadian and American standards do not tolerate initial defects from 

fabrication. The Canadian steel welding standard, W59-18, states in Clause 12.5.4.2 that ñA weld subject 

to visual inspection shall be considered acceptable if visual inspection shows: a) no surface cracks; éò 

(Canadian Standards Association, 2018) and the American equivalent AWS D1.1 states in their visual 

inspection criteria table that ñAny crack is unacceptable, regardless of size or locationò (Section 6.9, Table 

6.1) (American Welding Society, 2000) 

Additionally, both codes have limitations on the length of sub-surface defects (porosity or fusion-type 

discontinuities), but not for defect depth. This is shown in Figure 2-16, a partial capture of Fig 12.5 from 

W59-18, and similar figures with different axes exist for AWS D1.1. 
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Figure 2-16 Example of sub-surface length limitations, partial capture of Fig 12.5 from W59-18 

It is clear that there is a gap in the current North American welding codes for an allowable tolerance for 

crack-like defects at the surface from fabrication processes, as a zero-crack tolerance seems impractical. A 

defect tolerant design may be more practical for new steel structures in North America. 

2.8 Crack Detection Probability Studies 

In establishing a design crack size, the influence of inspection on the failure probability may be relevant. A 

challenge that arises when considering this aspect is the difficulty associated with detecting small cracks 

and the high scatter in detection rates associated with methods such as visual inspection. For example, a 

study done by Campbell et al. (2019) assessed 30 bridge inspectors and found that inspection of weathered 

specimens yielded an average crack detection rate of only 11%, and painted specimens yielded an average 

crack detection rate of only 65%. Longer cracks yielded somewhat higher detection rates. Using a log-odds 

model, the authors calculated an average detection rate of 50% for a 1 in (25.4 mm) crack and a 95% average 

detection rate for a 5.5 in (139.7 mm) crack. Probability detection curves can be found for other inspection 

methods (e.g., magnetic particle inspection) elsewhere in the literature (see for example, Lassen (1991)). 

Practical questions remain, however, in what the actual probability of detection is for cracks on real 

structures inspected under the difficult situations encountered in the field. 

2.9 Hourly Temperature Modelling Methods 

A probabilistic analysis of brittle fracture in steel bridges is necessarily going to require a rational approach 

for modelling the constantly varying ambient temperature during the service life. 
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One possible approach to model hourly temperature in a time-dependent analysis would be to use historical 

temperature data from multiple years, assume the temperature in a given hour of a given year can be 

obtained by fitting (for example) a normal distribution to the data for that hour over the multiple years, and 

then randomly sample a temperature for each hour using the hourly statistical distributions thus obtained. 

One issue with this approach is that independence of the temperatures in adjacent hours is assumed, which 

can result in highly unrealistic temperature jumps from one hour to the next.  

Several sources discuss modelling temperature on an hourly basis by using historical data and applying a 

sinusoidal curve to model the daily temperature cycle and linking the last and first hours between days. A 

study done by Chow & Levermore (2007) suggests three methods based on known maximum and minimum 

temperatures, Tmax and Tmin, of each day and applying sinusoidal curves to obtain hourly temperatures 

between the extremes. The CIBSE method, shown in the following equations, relies on determining the 

times tmax and tmin at which the extreme temperatures occur in each day. 

 Ὕὸ ὪϽὝ ὪϽὝ  ᴈ  Equation 2-39 

where: for t < tmin: 
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for tmin < t < tmax: 
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for tmin < t 
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Equation 2-42 

and 

 Ὢ Ὢ ρ Equation 2-43 

The CIBSE Guide suggests the times tmax and tmin for each month (Chow & Levermore, 2007).  
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Table 2-5 Tmax and Tmin Times Suggested by CIBSE Guide A2 (Chow & Levermore, 2007) 

Month  Tmax time (tmax) Tmin time (tmin) 

January 14 6 

February 14 6 

March 14 5 

April  15 5 

May 15 4 

June 16 4 

July 15 4 

August 15 5 

September 15 5 

October 14 6 

November 14 6 

December 14 7 

 

The Sin (14R-1) method is similar to the CIBSE method but assumes that Tmax occurs in Hour 14 of each 

day and that Tmin occurs one hour before sunrise (Chow & Levermore, 2007).  

The previous two method link temperature between hours but fail to consider the continuity between the 

last hour of one day with the first hour of the next day, thus leaving the possibility for unrealistic temperature 

jumps between days. The Linking Days method provides an equation that addresses this concern (Chow & 

Levermore, 2007). 
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Equation 2-44 

The Linking Days method equation may be used on its own, or with the tmax and tmin assumptions of the 

CIBSE method or Sin (14R-1) method. Chow & Levermore (2007) also describe the Q-Sin method which 

uses a combination of Tmax, Tmin and Tave and quarter-sine waves. 

The study compared the performance of each method by assessing three aspects: root mean square of errors 

(RMSE), comparing the average curves, and comparing averaged hourly data. The authors identified that 

the Q-sin method performed better than the Sin (14R-1) and CIBSE methods for the three aspects, and also 
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that when the Linking Days method was implemented, the results were better (smaller errors) than the same 

methods using individual days.  

Other sources have developed equations to generate hourly temperatures based on historical data, along 

with the length of day using the latitude. Linvill (1990) describes a method for modelling hourly 

temperature for agricultural purposes. Equation 2-45 shows the equation for daytime warming where t is 

the time after sunrise and DL is the day length in hours. Tmax and Tmin are the maximum and minimum 

temperatures in the day. 
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Equation 2-46 shows the equation for nighttime cooling where t is the time after sunset and Ts is the sunset 

temperature.  
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2.10 Effect of Heat Affected Zones (HAZ) on Brittle Fracture 

NCHRP Report 1056 addresses the heat-affected zone (HAZ) for welded structural steels, as current 

specifications only focus on weld metals and base metals. High temperatures in welding processes create 

microstructural changes in the steel, which in turn affect the mechanical properties of the material ï fracture 

toughness included (National Academies of Sciences, Engineering, and Medicine, 2023). 

The toughness requirements for steel used in highway bridges are governed by standards such as AASHTO 

M 270 and the AASHTO/AWS D1.5 Bridge Welding Code. These standards ensure the structural steel 

meets the necessary chemical, mechanical, and toughness properties through Charpy V-Notch (CVN) 

impact energy testing. However, correlations between CVN impact energy and fracture toughness were not 

developed for HAZs, and the current specifications do not adequately address the toughness requirements 

for HAZs. 

A pilot study and full fracture characterization study involving CVN tests and KJc tests were conducted. 

These studies indicated that the toughness of HAZ may meet current requirements, though for some grades 

can be significantly lower than that of the base metal, which can reduce the critical flaw size and increase 

the susceptibility to brittle fracture under service conditions. This is apparent in the reduction in allowable 

critical flaw length compared to the historically accepted levels, particularly for AASHTO Zone 2 and 

Zone 3 service temperatures. It is also more apparent for fracture critical members compared to non-fracture 

critical members. Additionally, it was observed that some cracks in HAZ regions are unable to propagate 

into base metal before reaching the critical flaw size.  
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This report emphasized the need for HAZ-specific toughness requirements and the authors proposed 

changes to the AASHTO/AWS D1.5 Bridge Welding Code to fill the gaps in current specifications and 

improve the overall safety and reliability of welded steel highway bridges. These included the prohibition 

of electroslag welding (ESW-NG) for use in members subject to tensile stresses, updated commentary for 

Clause 7 discussing HAZ impact testing, and additional commentary to Clause 12 remarking the trend of 

decreasing fracture toughness with increasing heat input. 

2.11 Fundamentals on Probability Theory and Probabilistic Analysis 

2.11.1 Knowledge and Uncertainty 

The Joint Committee on Structural Safety (JCSS) provides insight on the fundamentals of risk assessment 

in engineering (Joint Committee on Structural Safety, 2008).  

Uncertainty in systems can be classified into two main categories. The first category, aleatory (or Type 1) 

uncertainty, arises from the intrinsic natural variability of the system. Examples of this include weather 

conditions such as temperature, wind speed, and precipitation. 

Epistemic (or Type 2) uncertainties are caused by a lack of knowledge, typically as model uncertainties and 

statistical uncertainties. They generally have fixed but unknown values. For example, for safety, the yield 

strength of steel produced from the manufacturing plant will have a strength exceeding the specified yield 

strength. The actual yield strength of the steel would be unknown until it is tested to failure.  

Both types of uncertainties need to be accounted for in probabilistic modelling, generally in the form of 

probability density functions with appropriate statistical parameters. Additionally, statistical dependency 

between two or more parameters should be appropriately accounted for in the model.  

2.11.2 Risk Assessment 

An important aspect of probabilistic design is risk assessment, which involves identifying, evaluating, and 

comparing potential hazards and their corresponding impacts on the structure.  

The general equation for calculating risk is the probability of the event multiplied by the consequences 

resulting from that event, shown in Equation 2-47. 

 ὙὭίὯὖὶέὦὥὦὭὰὭὸώὅέὲίὩήόὩὲὧὩ Equation 2-47 

Effective risk assessment on structural systems requires accurate system representation, including: 

¶ Exposures: Identifying elements at risk. 

¶ Hazards: Recognizing potential sources of harm. 

¶ Consequences: Estimating potential impacts. 
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Some modern examples of risk assessment tools include Bayesian Probabilistic Nets and Influence 

Diagrams. 

Two key terms are commonly used when discussing risk: vulnerability and robustness. Vulnerability refers 

to the susceptibility of a system to harm, and is typically related to risk over time considering all possible 

events that could lead to such risk. Robustness measures a systemôs ability to respond to changes and 

recover from adverse events.  

Quantifiable indicators can be used to measure and compare risks for different decisions alternatives. These 

indicators help in identifying the most critical risks and prioritizing mitigation efforts. In the example of a 

bridge, shown in Figure 2-17, indicators for exposure include the functionality, location, environment, and 

design life. Indicators for vulnerability include age of the structure, materials used, condition of the structure. 

Indicators for robustness include redundancy of the structural systems, emergency preparedness, ductility.  

 

Figure 2-17 Risk indicators for a bridge scenario (Joint Committee on Structural Safety, 2008) 

Decision trees for prior and posterior analyses are then outlined, illustrating the techniques for comparing 

the risks and benefits of different decision options.  

Ultimately, risk can be mitigated but is generally impractical to eliminate completely in engineering design. 

Thus, there is some level of risk acceptance based on criteria such as life-cycle benefits, economic impacts, 

risks to people and safety, and environmental impacts. Tangible risks can be quantified in monetary terms, 
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whereas intangible risks cannot ï common examples include loss of life, injuries, and sometimes 

environmental impacts.  

2.11.3 Philosophy of Reliability Analysis and Probabilistic Design 

Due to failures in structural systems being rare occurrences, unique to the extreme events that occur on a 

structure, and different structures being unique (i.e. not all bridges are identical), it is difficult to compile a 

comprehensive set of failure data. A probabilistic design problem involves obtaining the statistical 

information on each of the parameters involved, and using them to develop a probabilistic model for the 

load and resistance sides (commonly denoted as S and R, respectively) (Pandey & Jyrkama, 2019).  

The safety margin, Z, can be denoted as Ὑ Ὓ, where failure occurs if ὤ π. 

2.11.4 Reliability Index  

Reliability index (also known as the safety index) is the number of standard deviations above zero that 

mean of the safety margin ( Z˃) is, shown in Figure 2-18. A reliability index of zero indicates exactly a 50% 

probability of failure, and a negative reliability index indicates a failure probability of greater than 50%.  

 

Figure 2-18 Probability density function of the safety index, Z (Pandey & Jyrkama, 2019) 

Reliability index can be calculated using two different equations. Equation 2-49 can be used if S and R are 

assumed to have normal distributions, leading to Z, the linear combination of S and R, to also be normally 

distributed.  

 ‍   ὖ ὔὕὙὓὛὍὔὠὖ  Equation 2-48 

 ‍
‘ ‘

„ „

‘

„
 Equation 2-49 
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2.11.5 Turkstraôs Rule 

Turkstraôs rule on load combinations states that the maximum value of a load from one source (or of one 

type) is reached during the design life of a bridge combined with an instantaneous or mean value of a load 

from another source or another load type. In simpler terms, because extreme loads generally occur in a short 

time, it is highly unlikely that the extreme values of two different load effects will occur at the same time 

(e.g. an earthquake occurrence plus an extremely heavy truck crossing a bridge) (Sun, Wang, & Sun, 2014).  

If the load combination is assumed to have two load effects, Turkstraôs rule can be expressed in the 

following form (Ghosn et al., 2003). 

 
ὢ ȟ ÍÁØ

ÍÁØὼ ὼӶ

ὼӶ ÍÁØὼ
 

Equation 2-50 

where ὢ ȟ is the maximum value of combined load effects in a time period of T. 

ÍÁØὼ  is the maximum of all possible values x1 of the load effect 1. 

ÍÁØὼ  is the maximum of all possible values x2 of the load effect 2. 

ὼӶ is the mean value of the load effect x1. 

ὼӶ is the mean value of the load effect x2. 

Equation 2-50 can be summarized as follows: Evaluate the largest lifetime value of Load 1 plus the value 

of Load 2 that will occur when Load 1 is at its maximum. Evaluate the lifetime maximum of Load 2 plus 

the value of Load 1 that will occur when Load 2 is at its maximum. Select the larger of the two for design. 

It is worth noting that Turkstraôs rule is restricted to linear load combinations and loads that are statistically 

independent (Naess & Røyset, 2000). 

2.11.6 Monte Carlo Simulation 

Monte Carlo Simulation (MCS) is now a common tool for scientific research, which uses random sampling 

and statistical evaluation where individual trials are independent of each other. One of the major benefits is 

that it can be used for circumstances in which sampling would be too time consuming or impractical. 

However, it also has downsides which include requiring a significant amount of computing energy, and the 

model used can have imperfections or the code may have bugs (Harrison, 2010). Thus, spending much 

effort in correctly setting up the models, input parameters, and debugging is crucial. 

A common use of this is random sampling from a PDF function, or alternately, using the inverse CDF 

method. The basis of the process is summarized in the following: 
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1. Sample a value between 0 and 1 to represent a probability, which can then be correlated back to 

the value of the parameter based on the distribution type and itôs mean & COV (statistical 

parameters). 

2. Evaluate the model. 

3. Tally the simulation results. 

4. Re-evaluate n times. 

5. Construct histogram and determine probability of failure. 

It is noted that the larger number of trials, the more accurate the simulation is. 
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3  Methodology 

3.1 Comparison of International Design Provisions 

The following work presented in Section 3.1 has been published in CSCE 2020 Annual Conference (Fan et 

al., 2020), TRB 2021 Annual Meeting (Fan et al., 2021), and the Transportation Research Record (Chien 

et al., 2021) with edits and modifications made for this thesis. The results of the design code comparison 

are presented in Chapter 4. 

Although the Eurocode takes more factors into consideration for design against brittle fracture than the 

North American standards, it is uncertain how the results compare with the North American provisions, and 

whether this increased complexity is justified. As a first step in investigating these uncertainties, an analysis 

was performed to compare the brittle fracture provisions in EN 1993-1-10 with those in CSA S6-19 and 

AASHTO LRFD 2017 using a typical steel-concrete composite bridge based on a design example 

developed by the Canadian Institute of Steel Construction (CISC) for teaching purposes, shown in Figure 

3-1 (Canadian Institute of Steel Construction, 2002). This bridge has four three-span continuous girders 

(43 m / 53 m / 43 m) with flange and web plate thicknesses varying along the span. 

 

Figure 3-1 Straight plate girder bridge design (Canadian Institute of Steel Construction, 2002) 

The assumed detail on the girder is a welded I-beam with a web stiffener and a semi-elliptical crack 

occurring in the bottom flange, as illustrated in Figure 3-2. 



48 

 

 

Figure 3-2 Assumed girder detail for analysis 

For comparison purposes, the structural steel grades chosen are Canadian 350W (nominal yield strength of 

350 MPa), which is roughly equivalent in yield strength to European S355 (nominal yield strength of 355 

MPa) and American 50W (nominal yield strength of 50 ksi) steels. Note that, as in North America, the 

European steels are available in several sub-grades or toughness levels, corresponding with minimum CVN 

impact energies for different test temperatures. For the S355, the subgrades are summarized in Table 3-1. 

Table 3-1 Sub-Grades of S355 Structural Steel 

Sub-grade Test Temperature [°C] Impact Energy [J] 

JR 20 27 

J0 0 27 

J2 -20 27 

K2, M, N -20 40 

ML, NL -50 27 

 

The first step of the comparative analysis involved varying plate thickness at a single reference point on the 

girder while holding all other parameters constant, to study the effects of different thickness on the 

toughness requirements between the three codes. The point selected was the location of maximum positive 

bending stress along the girder span. A second comparison was then done for the entire bridge span, which 
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looked at the changes in steel subgrade requirements using EN 1993-1-10 where the stress level and plate 

thickness were both varying along the bridge length. 

The CISC design example provided useful information on the typical dimensions and loads of straight 

girder bridges, but the example is set in ña Canadian townò whose name is unspecified. As climatic data 

was needed to determine brittle fracture requirements, three Canadian cities of interest were chosen for 

comparison: Waterloo, ON, Vancouver, BC, and Fort McMurray, AB. Each of these were selected to 

represent moderate, mild, and severe climates in Canada, respectively. 

3.1.1 Extreme Air Temperature Calculation 

While CSA S6 bases brittle fracture design on two temperature zones depending on minimum mean daily 

temperature and AASHTO uses three temperature zones depending on minimum service temperature, EN 

1993-1-10 requires that the extreme temperature with a 50-year return period be specified. To determine 

this parameter, historical daily temperature data was collected from Environment Canada, and the lowest 

daily temperature was determined for each year. An Extreme Value Type 1 (Gumbel) distribution was then 

fitted to the data, following the procedure in the Calibration Report for CAN/CSA-S6 for obtaining extreme 

wind velocities from similar datasets (Agarwal et al., 2007). It should be noted that the sign on the 

temperature data was reversed, to obtain the probability of exceeding a negative temperature. The 

cumulative distribution function (CDF) of the Gumbel distribution follows Equation 3-1: 

 Ὂ Ὕ %80 %80‌Ͻ4 ‘  Equation 3-1 

where 

 Ὕ ‘ πȢυχχ‌ϳ , and Equation 3-2 

 ʎ ρȢςψς‌ϳ  Equation 3-3 

In this case, T is extreme (i.e., minimum) daily temperature. The extreme daily temperature corresponding 

with an N year reference period has a CDF, which is expressed in Equation 3-4.  

 Ὂ Ὕ %80%80‌ ϽὝ ‘  Equation 3-4 

where 

 ‌ ‌, and Equation 3-5 

 ‘ ‘ ,.ὔϳ  Equation 3-6 

Equation 3-1 through Equation 3-6 were applied with the N = 50 years. Using the CDFs of the extreme 50-

year temperature event, 95th percentile values for this parameter were established (i.e. values associated 

with a 5% probability of exceedance). The resulting design extreme temperature values obtained for 
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Vancouver, BC, Waterloo, ON, and Fort McMurray, AB, were -26 °C (-14.8 °F), -45 °C (-49 °F), and -

57 °C (-70.6 °F), respectively. If these were considered ñminimum service temperaturesò, then they would 

correspond to AASHTO Temperature Zones 2, 3, and 3, respectively (AASHTO, 2017). 

3.1.2 Use of Eurocode Design Tables 

Table 2.1 in EN 1993-1-10 is the brittle fracture design table, which sets limitations on the maximum 

allowable plate thicknesses for a given steel, stress level, and reference temperature. As described in 

Section 2.3.4.1, either interpolation, or a more simplified ñround upò method for the stress level and 

temperatures, can be applied when using the Table 2.1.  

In the single-point comparison, interpolation was utilized: first interpolating the plate thicknesses at each 

stress level (0.75, 0.5, and 0.25Āfy(t)) corresponding to the reference temperature of each city, and then 

interpolating the plate thickness for the appropriate stress level (0.46Āfy(t)). The rounding method was used 

for the entire bridge span analysis, where the stress level (0.46Āfy(t)) was rounded to 0.5Āfy(t) and the 

reference temperature was rounded down to the nearest 10 °C. 

The reference temperature for the severe climate, in Fort McMurray, fell below the lowest temperature 

permissible in Table 2.1 in the current edition of EN 1993-1-10. For this analysis, as mentioned in Section 

2.3.4.1, the European Commission Joint Research Centre (JRC) report ñChoice of Steel Material to Avoid 

Brittle Fracture for Hollow Section Structuresò (Feldmann et al., 2012) can be used for temperatures below 

-50 °C. Table 12-1 in this report covers plate thicknesses for temperatures down to -120 °C, but the table 

values above -50 °C are slightly different than prescribed in EN 1993-1-10. This is because the input 

parameters in the report vary slightly from those used in the original development of EN 1993-1-10. 

However, the differences are minor. The extended Table 12-1 has been recommended to replace Table 2.1 

in future versions of EN 1993-1-10, so the use of the Table 12-1 in this study was reasonable.  

It is worth noting that the CVN test temperatures for subgrades of the European S355 steel are not all 

specified for a 27 J notch toughness. The European subgrades are converted to ñequivalent 27 Jò subgrades, 

with an adjustment made to their test temperature using Equation 2-33 (see Chapter 2 of this thesis) from 

Kühn (2005), to make direct comparison possible.  

3.1.3 Deterministic Application of Fracture Mechanics Method 

Analyses were also performed using the temperature-based Eurocode fracture mechanics method. To 

compare the effects of CVN test temperature vs. plate thickness using this method, first, as the independent 

variable to be plotted, different CVN test temperatures were set between -50 °C and 60 °C at 10-degree 

increments. TRd (the temperature on the resistance side of the design equation) was calculated for each 

designated temperature using Equation 2-18. TEd (on the action side of the design equation) was calculated 
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using Equation 2-16. Note that for the adjustment of ЎὝ, values for Kappld, kR6 and ɟ are calculated using 

several nested equations, based on the information and tables from the Eurocode 3 background document, 

EUR 23510 EN (Sedlacek et al., 2008). Several assumptions had to be made in order to apply the correct 

equations: an assumed fillet weld size of 10 mm, semi-elliptical surface crack, crack depth to width (a/c) 

ratio of 0.4, and design crack size ad determined using Equation 3-7. 

 ὥ ς ρπ ὸ φ ρπ ὸ πȢρστρὸ πȢφστω Equation 3-7 

The effective width, beff, for a surface crack is taken as 5·ad. The stresses due to external loads is calculated 

from Equation 3-8.  

 „ „ ρππ -0Á Equation 3-8 

where ůp is the stress due to external applied loads at that location of the span, and the additional 100 MPa 

accounts for residual stresses due to welding. The stress applied to the gross section to achieve yielding of 

the net section is calculated using Equation 3-9 for a semi-elliptical crack.  

 „ ὸ Ὢὸ ρ
ϽȢϽ

  Equation 3-9 

The value of Lr is then calculated using the Equation 3-10. 

 ὒ „ Ⱦ„ ρ  Equation 3-10 

The plasticity correction factor, kR6 is then calculated using Equation 3-11. 

 Ὧ
Ȣ

 for Lr Ò 1 or 0.816 for Lr = 1 
Equation 3-11 

The value of ɟ is calculated using the equations in Table 2-6 from EUR 23510 EN (Sedlacek et al., 2008). 

The applied K on the action side is calculated using Equation 3-12. 

 ὑ „ ʌϽὥ ϽὣϽὓ  Equation 3-12 

In this equation, the parameter Y is dependent on the crack shape and configuration and based on Table 2-

7 of EUR 23510 EN (Sedlacek et al., 2008). For a semi-elliptical surface crack, Y is calculated as: 

 
ὣ

Ὂ

ὗ
 Equation 3-13 

where: 

 
ὗ ρ ρȢτφτ

Ȣ
  Equation 3-14 
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Ὂ ὓ ὓ ὓ ϽὫϽὪϽὪ  Equation 3-15 

The parameters of in Equation 3-15 are functions of defect size, defect width, and plate thickness. The 

calculation of parameter Mk is also dependent on the crack shape and configuration, based on Table 2-4 of 

EUR 23510 EN (Sedlacek et al., 2008). For a semi-elliptical crack, the equations used are as follows: 

 
ὓ ὅ  Ó 1 Equation 3-16 

where: 

 
ὅ πȢωπψωπȢςσυχ
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ὸ
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 Equation 3-17 

 
Ὧ πȢπςςψυπȢρφχ
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—

τυЈ
 Equation 3-18 

where T is the web thickness in these equations (not to be confused with temperature), t is the flange plate 

thickness, B is the width of the flange, ɗ is the angle of the fillet weld (assumed to be 45°) and L is the 

longitudinal length of the weld. After calculating the values of Kappld, kR6, and ɟ, ȹTů is calculated from 

Equation 2-17. Excelôs SOLVER function was used to solve for the plate thickness, t, such that TEd = TRd 

for each CVN test temperature increment from -50 °C and 60 °C. These were plotted alongside the curves 

for the AASHTO and Eurocode simplified method.  

The process was repeated by varying the design crack size by +20% and -20% to assess the sensitivity of 

the results to defect size, and again repeated for weld sizes of 25 mm and 50 mm. For each of these cases, 

the Microsoft Excel SOLVER was used to obtain the plate thickness.  

At the location of maximum positive bending stress along the span, the ratio of „ ȾὪὸ was 0.46, which 

is close to 0.5. Further graphs were plotted at stress ratios of 0.25 and 0.75 to study the effect of stress level. 

Analyses at each location along the span were then performed to generate curves of CVN temperature vs. 

location, which could be compared with similar values using the other code provisions. 

Chapter 4 presents the results of the code comparison described in this section.  

3.2 Development of Preliminary Time-Independent Probabilistic Model  

The work presented in this section has been published in the CSCE 2021 Annual Conference ï Structures 

Specialty (Chien et al., 2021), with edits and modifications made for this thesis.  

Following the preliminary comparison of codes, a probabilistic analysis was performed to compare the 

sensitivity of changes in each of the input parameters of the Eurocode fracture mechanics limit state 

equation to the annual probability of failure, Pf. The Eurocode equations and tables were first automated 
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using Visual Basic. Monte Carlo simulation (MCS) (Ang & Tang, 2006) was then used to obtain Pf. By 

simulating a large number of trials, the sensitivity of the Pf to changes in each input parameter can be 

determined. 

Pf can then be used to calculate an annual reliability index, ɓ, (and vice versa) using Equation 3-19, where 

ū is the CDF of the standard normal distribution. 

  ὖ ɮ ‍ Equation 3-19 

It is worth noting that every reliability analysis has some degree of time-dependency associated with it. 

However, for the purposes of this thesis, ñtime-independentò refers to an annual analysis without hour-to-

hour fluctuations in parameters, whereas a time-dependent analysis involved hourly treatment of parameters 

later on. 

3.2.1 Distribution Types and Statistical Parameters 

In the probabilistic implementation of the Eurocode fracture mechanics method, bias factors are applied to 

the deterministic model parameters, typically in the form of ñmultipliersò, which are defined to account for 

the various sources of uncertainty associated with each parameter. Table 3-2 summarizes the deterministic 

values assumed for each input parameter, with sources given where appropriate. These parameters are 

previously introduced in the Eurocode methods in Section 2.3.4. In this table, t and B are the girder flange 

thickness and width, flange stresses at the location of interest are denoted with a ů, and Hw and Ww are the 

weld height and width associated with the critical detail. The weld parameters are used to calculate the local 

stress intensity factor using equations not shown here for reasons of brevity. To apply these equations, a 

weld detail geometry must be assumed. In the calibration of the Eurocode simplified method, a longitudinal 

plate attachment detail was assumed, due to its relative severity, illustrated in Figure 3-3. Thus, a similar 

detail is conservatively assumed in the current analysis. 
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Figure 3-3 Characteristic weld detail from (Sedlacek et al., 2008) 

Table 3-2 Deterministic Model Parameters 

Parameter Units Value Source 

Fy MPa 350 (Canadian Standards Association, 2019) 

t mm 25 (Canadian Institute of Steel Construction, 2002) 

B mm 375 (Canadian Institute of Steel Construction, 2002) 

Tmd °C location-dependent - 

ȹTr °C -5.0 (Sedlacek et al., 2008) 

ȹTů °C 0.0 - 

ȹTR °C 0.0 - 

ȹTŮ °C 0.0 - 

ȹTecf °C 0.0 - 

T27J °C -20 or -30 (Canadian Standards Association, 2019) 

a m 0.0022 (Sedlacek et al., 2008) 

ůDLbc MPa 102.99 (Canadian Institute of Steel Construction, 2002) 

ůDLac MPa 21.43 (Canadian Institute of Steel Construction, 2002) 

ůLL MPa 64.78 (Canadian Institute of Steel Construction, 2002) 

Hw mm 10 - 

Ww mm 10 - 

 

Table 3-3 summarizes the bias factors assumed in the probabilistic analysis. A normal distribution was 

assumed for the air temperature, Tmd, as it can take both positive and negative values. The distributions for 
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fy, t, B, a, ůi, H, W, and tcover were assumed to be lognormal as they cannot have negative values. The 

Eurocode temperature adjustments, ȹTi, along with the 27 J notch toughness test temperature, were assumed 

to be constant.  

The statistical parameters for the non-constant variables were found in literature. For lognormal 

distributions, the scale and shape parameters, ɚ and ɕ, were then calculated using Equation 3-20 and 

Equation 3-21, respectively.  

 
‗ ÌÎ‘

ρ

ς
‒ Equation 3-20 

 

‒ ÌÎρ
„

‘
 Equation 3-21 

Sources used to establish the distribution type, mean, and COV for each bias factor are given in this table 

where appropriate. Concerning parameters in Table 3-3, the following additional information is noteworthy: 

¶ The COV of the extreme minimum temperature was calculated following a procedure described in the 

CAN/CSA-S6 Calibration Report (Agarwal et al., 2007).  

¶ The COV of the crack size was taken as 0.2 from Vojdani et al. (2018). For the base case, a 2.2 mm 

crack size constant is assumed, as was done for the Eurocode simplified method calibration (Feldmann 

et al., 2012). This parameter is varied subsequently in a parametric study. (Note: later on, this parameter 

is calibrated using a process that will be described later.) 

¶ The bias factor for the dead load stress was obtained from Canadian Standards Association (2019) with 

type D1 (factory-produced components) assumed for the entire dead load. In reality, if the concrete 

deck were cast-in-place and covered with an asphalt wearing surface, a larger COV would be 

appropriate, or separate bias factors should be used for each dead load source. Uncertainties in the 

brittle fracture resistance can be captured using bias factors, Z9 and Z10, to consider uncertainties 

associated with the brittle fracture ñmaster curveò formula and the notch to fracture toughness 

conversion, based on raw test data in EUR 23510 EN (Sedlacek et al., 2008). Steel grades S355, S460, 

S690, and S890 were tested (and are reported in this reference) and the lower shelf of the master curve 

was fitted. Since the master curve was fitted to the average of the data, Z9 is a multiplicative factor to 

model the scatter of test data for the fitting, which has been assigned a mean of 1.0 and standard 

deviation of 25%. Using this value, a close replication of the 50%, 95%, and 5% failure probability 

curves for the raw test data from Fig. 2-7 in EUR 23510 EN (Sedlacek et al., 2008) could be produced. 

Note that the 20 -0ÁЍÍ term is not multiplied by Z9 because K = 20 -0ÁЍÍ represents the lower 

bound for cleavage fracture in steels, and therefore the stress intensity factor cannot be lower than that 
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value (Wallin, 1992). Also note that in later iterations of the probabilistic model, an improved approach 

for modelling this statistical variable was employed, which will be described later. 

¶ Z10 is an additive factor to model the scatter in test data correlating the fracture mechanics transition 

temperature, T100, to the Charpy test temperature, T27J. which has been assigned a mean of 0 and 

standard deviation of 0.13 (the transition temperature standard deviation is 13 °C), based on the raw 

data from Fig. 2-8 in EUR 23510 EN (Sedlacek et al., 2008). Further elaboration on how this was done 

will be discussed where the time dependent reliability model is described. 
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Table 3-3 Statistical Variables for Base Case Analysis (Ft. McMurray)  

Z Modifies ╩ VZ (ůZ) Distribution Source 

Z1 Fy 1.101 0.0915 Lognormal (Kennedy & Baker, 1984) 

Z2 t 1.02 0.012 Lognormal (Kennedy & Gad Aly, 1980) 

Z3 Tmd 1.0 0.0569 Normal 
50-year service period, calculated based on 

(Agarwal et al., 2007) 

Z4 a 1.0 0.20 Lognormal (Vojdani et al., 2018) 

Z5 ůD1 1.03 0.08 Lognormal (Agarwal et al., 2007) 

Z6 ůLL 1.5228 0.0304 Lognormal 
50-year service period, calculated based on 

(Agarwal et al., 2007) 

Z7 Hw 1.0 0.16 Lognormal (Kala et al., 2009) 

Z8 Ww 1.0 0.16 Lognormal (Kala et al., 2009) 

Z9 Master Curve 1.0 0.25 Lognormal (Sedlacek et al., 2008) 

Z10 
CVN to SIF 

Conversion 
0.0 (13°C) Normal (Sedlacek et al., 2008) 

 

The modified limit state function is presented as Equation 3-22 to Equation 3-24. 
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  Equation 3-22 
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 Ὕ Ὕ Ͻὤ ЎὝ ЎὝ ЎὝ ЎὝ    Ј#  Equation 3-24 

The results of analyses conducted using the described methodology are presented in Chapter 5. 

3.3 Development of Preliminary Time-Dependent Probabilistic Model  

Following the preliminary time-independent probabilistic analysis conducted using Excel Visual Basic, it 

was concluded that the treatment of the traffic load and extreme cold temperature was highly simplistic (i.e., 

to conservatively assume the worst loading and lowest temperature during the analysis period will occur at 

the same time) and that it was necessary to cast the problem as a time-dependent reliability problem, to 

capture the extreme traffic and temperature fluctuating realistically over time.  

This section presents a first attempt to develop automated code to perform reliability analysis in a time-

dependent framework, which involved transferring the Visual Basic code into MATLAB and then looping 

the code iteratively to perform essentially an hour-by-hour analysis over the course of an entire year.  
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The work presented in this section has been presented previously at the CSCE 2022 Annual Conference 

(Chien et al., 2022), with edits and modifications made for this thesis.  

3.3.1 Preliminary MATLAB Code Procedure 

After the code was transferred into MATLAB, it was verified by generating an equivalent procedure in 

Excel, which was not as rapid to implement, but allowed the calculation steps to be understood and checked. 

The iterative analysis procedure employed in both implementations is as follows: 

1. Generate Kmat cumulative distribution functions (CDFs) for different deterministic temperatures in 

Waterloo, ON (range between -55 °C and +55 °C, using 10 °C increments).  

2. Generate Kappld CDFs for different deterministic stress levels for highway bridge traffic in Waterloo, 

ON (ranging between 1 MPa and 400 MPa, with 50 MPa increments). 

3. Using historical temperature data between 2003-2021 for Waterloo, Ontario, a random number X0 is 

generated between 0 and 1. A probabilistic temperature model with a normal distribution is assumed 

and X0 is used to sample a temperature for the time step of interest.  

4. For each time step (hour) in a 1-year simulation: 

a. Pick random number X1 to get trial value for resistance uncertainty associated with the bridge detail 

of interest. Obtain the temperature for the time step from the annual temperature history that was 

randomly selected in Step 3. and determine Kmat for that time step by linearly interpolating between 

the two Kmat CDFs generated in Step 1 bounding the actual temperature at the time step with 

ordinate = X1. This is illustrated in Figure 3-4.  
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b. Pick random number X2 to get trial value for the ñsolicitationò uncertainty associated with the 

bridge detail of interest**. (**Note: X2 accounts for the bridge detail parameters such as the actual 

weld geometry, crack size, etc., which affect Kappld but do not vary from one hour to the next over 

the year.) Using historical traffic data for Ontario, obtain the stress level for the time step*** and 

determine Kappld by interpolating between the two Kappld CDFs generated in Step 2 bounding the 

actual stress level at the time step with ordinate = X2. This is illustrated in Figure 3-5. (***Note: 

there are several ways this can be done: 1) a similar approach to the one use for temperature can be 

used for a site where hourly peak stress or load levels are available for an entire year, or 2) peak 

hourly stress or load level due to traffic can be simulated using a truck weight or load effect 

histogram, fitted to a continuous distribution, which can then be sampled using extreme value 

statistics theory in a manner similar to the one used to calibrate the live load factors in CSA S6 (see 

Agarwal, 2007) and MCS sampling with an additional parameter (X3) which accounts for hourly 

fluctuation in the live load. For the current study, the latter approach was employed.) 

c. Determine whether failure occurs by checking if Kappld > Kmat for that time step. If yes, record failure, 

and if not, go to the next time step.  

5. This process is repeated for each time step (hour) throughout the year to determine if the detail will fail 

within the year or not for the 1-year simulation or ñtrialò. 

Repeat for many 1-year simulations to determine the annual probability of failure of the detail.  

It is worth mentioning that the MATLAB model was verified against the VBA model described in Section 

3.2 to ensure consistency. 
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3.3.2 Distribution Types and Statistical Parameters 

In the previous probabilistic implementation of the Eurocode fracture mechanics method in Section 3.2, 

bias factors were applied to the deterministic input parameters, typically in the form of ñmultipliersò, which 

are defined to account for the various sources of uncertainty associated with each parameter. It was 

identified that further investigation was needed to capture the uncertainties in the other parameters 

embedded in the Eurocode fracture mechanics method, including some theoretical functions for parameters 

such as the correction factors on the action side of the limit states function. 

Table 3-4 summarizes the updated bias factors and their distribution type, mean and COV, with sources 

given where appropriate. The new parameters that are being treated probabilistically from the previous 

study are indicated by Z11 through Z15 in Table 3-4. 

Table 3-4 Statistical Variables and Distribution Types 

Z Modifies ╩ VZ (ůZ) Distribution  Source 

Z1 Fy 1.101 0.0915 Lognormal (Kennedy & Baker, 1984) 

Z2 t 1.02 0.0120 Lognormal (Kennedy & Gad Aly, 1980) 

Z3 Tmd 1 0.1509 Normal 1 hour service period, calculated based 

on (Agarwal et al., 2007) 

Z4 a 1 0.2000 Lognormal (Vojdaniet al., 2018) 

Z5 ůD1 1.03 0.0800 Lognormal (Agarwal et al., 2007) 

Z6 ůLL 0.8524 0.1144 Lognormal 1 hour service period, calculated based 

on (Agarwal et al., 2007) for Waterloo, 

ON 

Z7 Hw 1 0.1600 Lognormal (Kala et al. 2009) 

Z8 Ww 1 0.1600 Lognormal (Kala et al. 2009) 

Z9 master curve 1 0.2500 Lognormal (Sedlacek et al., 2008) 

Z10 CVN to SIF 

conversion 

0 (13°C) Normal (Sedlacek et al., 2008) 

Z11 ůs 1 0.25 Lognormal (Walbridge, 2005) 

Z12 ůEd 0.93 0.12 Lognormal (Agarwal et al., 2007) 

Z13 a/c ratio (crack 

shape) 

1 0.32 Lognormal (Walbridge & Nussbaumer, 2007) 

Z14 Mk 1 0.05 Lognormal (Walbridge, 2005) 

Z15 SCF 1 0.04 Lognormal (Walbridge, 2005) 
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Concerning parameters in Table 3-4, the following additional information is noteworthy: 

¶ In this table, t is the girder flange thickness, flange stresses at the location of interest are denoted 

with ñ, and Hw and Ww are the weld height and width associated with the critical detail. The a/c 

ratio is the ratio between the crack depth to width, Mk is a weld toe correction factor, and SCF is 

the stress concentration factor relating the local stress to the far field (nominal) stress.  

¶ The weld parameters are used to calculate the local stress intensity factor using equations not shown 

here for reasons of brevity. To apply these equations, a weld detail geometry must be assumed. In 

the calibration of the Eurocode simplified method, a longitudinal plate attachment detail was 

assumed, due to its relative severity. Thus, a similar detail is assumed in the current analysis.  

¶ Uncertainties in the brittle fracture resistance can be captured using bias factors Z9 and Z10, to 

consider uncertainties associated with the brittle fracture ñmaster curveò formula and the notch to 

fracture toughness conversion, based on raw test data in EUR 23510 EN (Sedlacek et al., 2008). 

Steel grades S355, S460, S690, and S890 were tested (and are reported in this reference) and the 

lower shelf of the master curve was fitted. Since the master curve was fitted to the average of the 

data, Z9 is a multiplicative factor to model the scatter of test data for the fitting, which has been 

assigned a mean of 1.0 and standard deviation of 25%. Using this value, a close replication of the 

50%, 95%, and 5% failure probability curves for the raw test data from Fig. 2-7 in EUR 23510 EN 

(Sedlacek et al., 2008) could be produced. Note that the 20 -0ÁЍÍ term is not multiplied by Z9 

because K = 20 -0ÁЍÍ represents the lower bound for cleavage fracture in steels, and therefore 

the stress intensity factor cannot be lower than that value (Wallin, 1992). Again, note that in later 

iterations of this model, an improved approach for modelling this statistical variable was employed, 

which will be described later. 

¶ Z10 is an additive factor to model the scatter in test data correlating the fracture mechanics 

transition temperature, T100, to the Charpy test temperature, T27J. which has been assigned a mean 

of 0 and standard deviation of 0.13 (the transition temperature standard deviation is 13°C), based 

on the raw data from Fig. 2-8 in EUR 23510 EN (Sedlacek et al., 2008).  

The results of analyses conducted using the described methodology are presented in Section 5.6. 

3.4 Time-Dependent Probabilistic Assessment of Reliability Levels in CSA S6 

This section is a continuation of the previous work in refining the time-dependent probabilistic MCS 

framework. Due to the computational demand of the preliminary time-dependent MATLAB code, the 

original code was largely rewritten to improve the processing speed, which involved using a matrix form 

for calculations at each time step instead of loops. In addition, parallel processing was leveraged, and the 

author used the SHARCNET consortium of supercomputer systems for additional computational resources. 
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This newer code version was able to run a case of 10 000 MCS trials within seconds, which allowed for 

larger studies involving 1 million, 3 million, or upwards of 5 million trials to improve accuracy for cases 

where the probability of failure was very low. Details of the methodology are presented in the following 

sections.  

This work has been published in the ASCE Journal of Bridge Engineering (Chien et al., 2024), with edits 

and modifications made for this thesis.  

3.4.1 Limit State Function and Probabilistic Framework 

In Section 2.3.4.2.1, the basic brittle fracture verification from Sedlacek et al. (2008) is presented. This can 

be written as a limit state function, g(x) (Equation 3-25) where x is the vector of statistical input parameters, 

and g(x) = 0 is the failure surface. Kmat is the material resistance, and K* appld can be thought of as the 

solicitation or ñloadò. 

Ὣ●  ὑ ὑᶻ   Equation 3-25 

where:  

ὑᶻ
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  Equation 3-26 
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ᴈ Ȣ

ρρϽ
 

ϽÌÎ    Equation 3-27 

In Equation 3-26 for K* appld, the parameters ůEd, ad, Y, Mk, kR6, ɟ all take the same definitions as described 

in Section 2.3.4.2.1. In Equation 3-27 for Kmat, TEd and beff also take the same definitions as described in 

Section 2.3.4.2.1. Two additional parameters are added to modify the original master curve, ŭ1 and ŭ2, which 

are detailed in Section 3.4.3. The reliability analysis was performed by identifying limit state function 

parameters to be treated probabilistically, assigning distributions to these parameters, and then sampling 

them in a series of MCS ñtrialsò. The number of trials resulting in failure (g(x) < 0) is counted and divided 

by the total number of trials to obtain the annual probability of failure, Pf, and annual reliability index, ɓ. 

3.4.2 Climate and Load Models 

For the current study, the ñlinking daysò method proposed by Chow & Levermore (2007) is used to model 

hourly temperature. It is assumed as a simplification that the minimum temperature occurs at 5:00 each day 

and the maximum temperature occurs at 14:00 each day. This is generally representative of most months 

throughout the year, with some exceptions being the maximum temperature possibly occurring at 15:00 or 

16:00 in summer months, and the minimum temperature ranging between 4:00 and 7:00 depending on the 

season (Chow & Levermore, 2007). 
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Two locations were selected to represent the two climate zones in the CSA S6-19 tables  (Canadian 

Standards Association, 2019) and demonstrate the proposed methodology. Waterloo, ON, was selected as 

representing the ñmoderateò climate, with a minimum mean daily temperature of approximately -30 °C. 

Whitehorse, YT, was selected as representing the ñsevereò climate, with a minimum mean daily temperature 

of -52 °C, according to Figure A3.1.2 in CSA S6 (Canadian Standards Association, 2019). They are referred 

to as simply ñClimate 1ò and Climate 2ò henceforth.  

It is worth mentioning that Waterloo and Whitehorse roughly correspond to Temperature Zone 2 and 

Temperature Zone 3, respectively, as defined in AASHTO (AASHTO, 2020). However, this statement must 

be qualified by noting that AASHTO defines design temperature as ñminimum service temperatureò (note: 

it is understood that ñwith a 1% probability of exceedanceò is often assumed by US bridge owners), whereas 

CSA S6 defines it as ñminimum mean daily temperatureò.   

Historical hourly temperature data was gathered from Environment Canada (Environment Canada, 2022) 

and used for the hourly temperature simulation. Figure 3-6 illustrates upper and lower envelopes of 

temperature data for Climate 1 and Climate 2, with the mean hourly temperatures highlighted in red and 

the mean daily temperatures in a typical year in black.  
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Figure 3-6 Hourly temperature envelopes and means for Climate 1, 2003-2021 (top) and Climate 2, 

1953-2021 (bottom) 

To establish realistic extreme loads for a weld detail on a steel highway bridge, the live-to-dead stress/load 

ratio was first selected as L/D = 0.5. It should be noted that the actual ratio can be much higher ï in particular 

for long span bridges. To address this aspect, a sensitivity study was subsequently performed on this 

parameter. The load combination for ultimate strength design was taken as ρȢρὈ ρȢχὒ πȢωὊ. The dead 

load factor (1.1) for factory-produced components, live load factor (1.7) for ULS Combination 1 were 
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obtained from Chapter 3 of CSA S6-19. The resistance factor for steel yielding (0.9) was obtained from 

Chapter 10 of CSA S6-19 (Canadian Standards Association, 2019). Nominal live and dead load stresses, D 

and L, were then calculated as a function of the yield strength input to represent a detail that just passes the 

ULS Combination 1 verification. After this, to model fluctuation in the live load and extreme live load 

events, a database of 10,000+ trucks measured using stationary scales by the MTO was used (see Figure 

3-7), and for a given traffic volume (average daily truck traffic = 4000 trucks) extreme value statistics were 

employed to obtain a distribution for the peak hourly live load. A Gumbel distribution was then used with 

statistical parameters established following a procedure described in Soriano et al. (2017). 

 

Figure 3-7 MTO 1995 truck database GVW histogram 

It is noted that the histogram in Figure 3-7 is one of gross vehicle weight (GVW), whereas the ULS limit 

state function requires a load effect or stress. In using the GVW histogram directly, a load effect such as 

moment in a long span bridge is effectively being modelled, where the GVW and load effect histograms 

have the same form.  

3.4.3 Statistical Parameters 

In implementing the time-dependent analysis, most of the statistical parameters are sampled only once per 

bridge year, as the characteristics do not fluctuate from hour to hour. The only parameters sampled each 

hour are the temperature and live load. In simple terms, the scenario simulated is one where different 

identical bridges are (fictitiously) fabricated for each ñtrialò and observed to fail or not fail in a random year 

(with a different climate history). While noteworthy that bridges are typically designed for longer service 

lives (50, 75, or even 100 years), a simpler 1-year analysis is adopted for this study, as the effects of climate 
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history and traffic volume may change in the future. The assumed statistical parameters are shown in Table 

3-5. It is worth noting that some of the Z-values in this table may be different from those presented 

previously in Table 3-4. 

Table 3-5 Statistical Parameters and Distribution Types 

Z Variables Units Mean 
Bias Factor 

(Z) 

VZ (ůZ) 

Bias COV 
Distribution  Source 

Z1 Fy MPa Varied 1.101 0.0915 Lognormal (Kennedy & Baker, 1984) 

Z2 t mm Varied 1.02 0.012 Lognormal (Kennedy & Gad Aly, 1980) 

Z3 B mm 375 - - Deterministic - 

Z4 Tmd °C Calculated hourly 

Z5 ɲTr °C -5 - - Deterministic - 

Z6 ɲT  ̀ °C 0 - - Deterministic - 

Z7 ɲTR °C 0 - - Deterministic - 

Z8 ɲTep °C 0 - - Deterministic - 

Z9 ɲTecf °C 0 - - Deterministic - 

Z10 T27J °C Varied - - Deterministic - 

Z11 ad m Varied - - Deterministic - 

Z12 ůD1 MPa - 1.03 0.08 Lognormal (Agarwal et al., 2007) 

Z13 ůLL MPa Calculated hourly 

Z14 Hw mm 10 1.0 0.16 Lognormal (Kala et al., 2009) 

Z15 Ww mm 10 1.0 0.16 Lognormal (Kala et al., 2009) 

Z16 ŭ1 - Uniform distribution (min. = 0, max. = 1) 

Z17 ŭ2 °C 0 - (13°C) Normal - 

Z18 ůs MPa 100 1.0 0.25 Lognormal (Walbridge, 2005) 

Z19 ůEd MPa 1.0 0.93 0.12 Lognormal (Agarwal et al., 2007) 

Z20 a/c (crack shape) ratio  - 0.4 1.0 0.32 Lognormal (Walbridge & Nussbaumer, 2007) 

Z21 Mk - 1.0 1.0 0.05 Lognormal (Walbridge, 2005) 

Z22 SCF - 1.0 1.0 0.04 Lognormal (Walbridge, 2005) 

Z23 DAF - 1.0 1.15 0.104 Normal - 

 

The parameters in Table 3-5 were retrieved from the literature in most cases, with references as shown. 

Parameters were treated deterministically if they did not have significance or significant uncertainty 
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associated with them. Justification of these parameters can be found in the cited sources, and most are well 

established in studies describing code calibration of load and resistance factors for ultimate strength (ULS) 

design (e.g., Fy, t, ůd1), or probabilistic fracture mechanics-based fatigue reliability analysis (e.g., ůs, a/c 

ratio, Mk, SCF). The two most important statistical parameters established specifically for the current study 

were Z16 and Z17, which account for the uncertainties associated with the use of the master curve and those 

associated with the conversion from CVN to fracture toughness respectively. 

Z16 (ŭ1) is a random variable with a uniform distribution and range of 0 to 1 used to model uncertainty in 

the master curve. This scatter in the resulting scatter associated with the master curve is shown in Figure 

3-8 (left) with 5000 trial points. The bounds of these trial points can be compared with probabilistic 

envelopes in Sedlacek et al. (2008), which show a good match with the scatter in available test data. It is 

worth noting that this is slightly different that what was done in the previous sections (3.2 and 0) to model 

this source of scatter, but the difference is small and this approach is better aligned with the foundational 

principles on which the master curve concept is based.  

Z17 (ŭ2) is an additive factor to model the scatter in test data correlating the fracture mechanics transition 

temperature, T100, to the Charpy test temperature, T27J. which has been assigned a mean of 0 °C and standard 

deviation of 13 °C, based on Sedlacek et al. (2008), as shown in Figure 3-8 (right). 

 

Figure 3-8 Master curve scatter considered by ŭ1 parameter (left) and raw data from (Sedlacek et 

al., 2008), including trendlines for +/-2ů, used to establish ŭ2 parameter (right)  

 

3.4.4 Conversion CVN Test Temperature into Equivalent 27J Temperature 

To make a direct comparison possible, CVN test temperatures in the AASHTO and CSA S6 tables were 

converted to an equivalent 27 J notch toughness, using Equation 2-33 from Kühn (2005). 
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The converted values are bold shown in Table 3-6. These values are later shown graphically in Chapters 6 

and 7, and become relevant for suggesting new CVN requirements.  

Table 3-6 Conversion of Table 10.13 from CSA S6 into Equivalent T27J 

 Base metal test temperature Tt for minimum 

service temperature Ts, °C 

Weld metal test temperature Tt for minimum 

service temperature Ts, °C 

Min service temperature 
Min avg 

energy (J) 
Ts Ó -30°C -30°C > Ts > -52°C 

Min avg 

energy (J) 
Ts Ó -40°C -40°C > Ts > -52°C 

CSA G40.21 Grades       

260WT 27 -13.89 -23.89 27 -23.89 -23.89 

300WT 27 -13.89 -23.89 27 -23.89 -23.89 

350WT and AT 27 -20 -30 27 -30 -30 

400WT and AT 27 -20 -30 27 -30 -40 

480WT and AT 27 -20 -40 27 -40 -50 

700QT Not permitted     

ASTM A709M Grades       

250F 27 -1.28 -17.28 27 -23.89 -23.89 

345F <51mm 27 -1.28 -17.28 27 -30 -30 

345SF and 345WF 27 -6.04 -22.04 27 -30 -30 

HPS 345WF 27 -22.04 -22.04 27 -30 -30 

HPS 485WF 27 -37.39 -37.39 27 -40 -50 

HPS 690WF < 65mm 27 -48.39 -48.39 27 -54.39 -64.39 

HPS 690WF > 65mm Not permitted     

 

3.4.5 Design Crack Depth 

While the defect or crack depth, a, in a weld is known to be highly variable and have a significant impact 

on brittle fracture risk, establishing a distribution for this parameter, considering both fabrication tolerances 

and the possibility of future fatigue crack growth, is an extremely difficult task without access to fabricated 

structures or broad knowledge of industry practices surround such things as inspection and repair/rejection 

structures with defects. Unlike the European standards for fabrication of steel structures, the corresponding 

North American standards do not clearly acknowledge toleration of initial surface crack-like defects from 

fabrication, and therefore provide little guidance on a suitable value for a0. For example, CSA W59-18 

states: ñA weld subject to visual inspection shall be considered acceptable if visual inspection shows: a) no 

surface cracks; éò (Canadian Standards Association, 2018). 
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To circumvent this issue and to illustrate practical implementation of the proposed methodology, for the 

current study, it was decided to define a deterministic design crack depth, ad, to model initial fabrication 

flaws that were missed during inspection ña0ò (and therefore did not lead to repair or rejection) combined 

with some amount of subsequent fatigue crack growth ñȹafcgò. The process employed to establish this crack 

depth followed the suggestion by Altstadt et al. (2014) that mild structural steel, with the current toughness 

requirements, has a long track record of good performance. On this basis, a mild (Fy = 350 MPa) steel plate 

with moderate thickness (t = 38 mm) was used to calibrate a design crack depth that resulted in an adequate 

reliability level. This crack depth was then used to assess reliability levels for other grades, plate thicknesses, 

etc. This process is summarized as having the following steps:  

1. 350 MPa steel was chosen as the reference strength for calibration.  

2. In contrast with what was assumed in the preliminary study, for this study the target annual 

reliability index was defined as ɓ = 3.25, based on CSA S6-19 for assessment of structures with 

intermediate system behaviour S2 (redundancy), element behaviour E2 (ductility), and inspection 

possibility INSP2. This is deemed to be reasonable for illustrative purposes of a primary tension 

member, though a higher target reliability index may be appropriate for fracture critical members.  

3. T27J for the selected steel was determined. According to CSA S6-19, 350 MPa steel is required to 

achieve T27J = 0 °C for a primary tension member in Climate Zone 1.  

4. The deterministic crack depth ad was then varied until the time-dependent reliability analysis 

yielded ɓ = 3.25. On this basis, ad = 0.53 mm was selected as the design crack depth. 

Figure 3-9 (left) explains this calibration process. It is worth noting this value for ad is generally lower than 

the values used in the deterministic Eurocode code calibration (see Figure 2-15), suggesting further 

reflection on the appropriate values for ad and the target annual reliability index may be beneficial. It is also 

worth noting that a design crack size of this size, in reality, likely cannot be detected through visual 

inspection as discussed in Campbell et al. (2019). In the current study, these values are nevertheless retained, 

on the basis they serve the purpose of demonstrating the proposed methodology and commenting on the 

consistency of the reliability levels provided in the current code.  
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Figure 3-9 Calibration of ad (left) and ɓ vs. T27J curves for various steel strengths (right)  

With ad established for t = 38 mm, and again for illustrative purposes and with limited guidance from the 

North American structural welding standards, subsequent reliability analyses for different plate thicknesses 

were performed with two assumptions: 1) that ad is the same for all plate thicknesses, and 2) that ad / t 

remains constant and equal to 0.53 mm / 38 mm = 0.014. This is summarized in Table 3-7. 

Table 3-7 Design Crack Depth Cases 

Plate Thickness 

[mm] 

Case 1 

(ad [mm] based on calibration 

from t = 38 mm, constant) 

Case 2 

(ad [mm] based on ad/t ratio = 

0.014) 

25 0.53 0.35 

38 0.53 - 

75 0.53 1.06 

 

3.4.6 Time-Dependent Reliability Analysis  

A MATLAB code containing three segments was written to implement the time-dependent reliability 

analysis. This analysis can be broken down into the following primary steps: 

1. Statistical parameters and deterministic input parameters are defined. 

2. Parameters that need to be sampled once per bridge year are sampled. 

3. The historical hourly temperature database is read, and daily maximum and minimum temperatures 

are identified from the hourly data for each year in the historical database.  

4. For each day in the trial year, maximum and minimum temperature is sampled assuming the daily 

maxima and minima in the historical database follow a normal distribution.  

5. The linking days method (Chow & Levermore, 2007) is used to calculate an hourly temperature for 

the 1-hour time step. Kmat is then calculated using that temperature. 
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6. The live load for the time step is sampled from the Gumbel distribution for hourly extreme live 

load obtained from the real traffic database. K* appld is then calculated using that live load. 

7. A ductile fracture check is performed, to determine if the applied stress is sufficient to yield the 

cross section. If yielding occurs, a failure by ductile fracture is recorded. 

8. Failure by brittle fracture is assumed if g(x) < 0.  

9. If failure has occurred, it is recorded, and the next bridge year is simulated (go to Step 2). 

10. If failure has not occurred, the next time step is simulated (go to Step 5) until the end of the year.  

11. This process repeats until the required number of bridge years (or ñtrialsò) has been simulated.  

12. Results (Pf and ɓ for ductile and brittle fracture, and number of trials) are written to an output file. 

A flow chart illustrating the model procedure is shown in Figure 3-10. 
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Figure 3-10 Flow chart for time-dependent model 

The results of the studies using the new code are presented in Chapter 6. 
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3.5 Sensitivity Studies with Time Independent Model and Development of Design Tools 

To accomplish Task 4 (from Section 1.2), the final goal of the project was to develop practical tools for 

bridge designers. This involved greatly increasing the number of analysis cases, including varying the 

demand-to-capacity ratio, and further sensitivity studies involving influence lines, inclusion of temperature 

data from different cities, varying traffic volume, and considering multiple vehicle presence.  

To further save computational time, this part of the project involved an investigation on whether reverting 

back to a using a time-independent method would be a viable option to further increase analysis speed. Due 

to the conservatism in the time-independent method (i.e. assuming maximum load and minimum 

temperature occur at the same time), the design crack size was re-calibrated. Much of the overall 

methodology mirrors that in Section 3.4, with changes in the time-independent aspect.  

The methodology is presented in the following sections. 

This work has been submitted to the Canadian Journal of Civil Engineering, with edits and modifications 

made for this thesis. Parts of this work has been presented at the CSCE Annual Conference 2024 (Chien et 

al., 2024). 

3.5.1 Limit State Function and Probabilistic Framework 

The approach taken for this study closely mirrors that of the methodology presented in Section 3.4, with a 

few modifications for the time-independency, using MCS to see how often failure occurs (where g(x) < 0). 

By counting these failures and comparing them to the total number of simulations, the annual probability 

of failure, Pf, and annual reliability index, ɓ, can be calculated. 

The limit state function used in this part of the project is the same as in the previous study, presented in 

Equation 3-25. Realistically, K* appld fluctuates over time as the traffic load changes, and Kmat fluctuates over 

time as the ambient temperature changes. However, in this section, a simplistic and conservative way to 

deal with this time dependence is adopted: to assume the coldest temperature and the highest traffic load 

happen at the same instant during the analysis period (in this case, one year, for annual probability of failure). 

This modelling approach is considered reasonable as K* appld fluctuations (which are minimal) are dwarfed 

by the much larger Kmat fluctuations (later shown in Chapter 6). 

3.5.2 Climate and Load Models 

Again, climate data from Waterloo and Whitehorse were used to represent Climate 1 ñmoderateò and 

Climate 2 ñsevereò, respectively. In the Section 7.2 Sensitivity Studies, however, a broader range of 

locations within each zone are assessed and compared. Historical yearly minimum temperature data was 

gathered from Environment Canada (Environment Canada, 2022) and used for the yearly temperature 

simulation, assuming an extreme value Gumbel distribution. 
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In the previous study, it was noted that the load ratio, L/D = 0.5 was relatively low, and perhaps not 

appropriate for longer span bridges. Therefore, a new live-to-dead stress/load ratio was selected and used 

in this last study of L/D = 1.0. This is close to the live-do-dead ratios observed in design examples such as 

in Canadian Institute of Steel Construction (2002) and Sedlacek et al. (2008), and hence assumed to be a 

typical L/D. 

The same load combination for ultimate strength design was used: ρȢρὈ ρȢχὒ πȢωὊ. Nominal live and 

dead load stresses, D and L, were then calculated correspondingly. 

Statistical parameters for the live load were calculated using an updated truck database from 2012 from the 

MTO, with the histogram illustrated in Figure 3-11. These were slightly different from the ones calculated 

using the 1995 data in the previous study. A Gumbel distribution was used to obtain a distribution for the 

peak yearly live loads, for different traffic volumes (an average daily truck traffic, ADTT, ranging between 

50 and 4000 trucks was assumed for the sensitivity studies). 

 

Figure 3-11 MTO 2012 truck database GVW histogram 

3.5.3 Statistical Parameters 

The assumed statistical parameters are mostly the same as the previous study, presented in Table 3-5, with 

a few minor differences: 

¶ For the time independent analysis, all statistical parameters are sampled only once per bridge year, 

including Tmd and ůLL (which are no longer sampled hourly). 

¶ Z17 (ŭ2) is an additive factor to model the scatter in test data correlating the fracture mechanics 

transition temperature, T100, to the Charpy test temperature, T27J. It has been assigned a mean of 
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0 °C. Different sources may suggest different standard deviations: Sedlacek et al. (2008) suggests 

a value of 13 °C, though other sources (Collins et al., 2016) suggest larger values based on different 

correlation methods. On this basis, a standard deviation of 34.2 °C was chosen for the Wallin 

correlation based on Collins et al. (2016). 

All other parameters are assumed to be the same as those in Table 3-5. 

3.5.4 Design Crack Depth 

The process of calibrating a design crack depth followed the same steps as the previous study, outlined in 

Section 3.4.5, using a mild (Fy = 350 MPa) steel plate with moderate thickness (t = 38 mm) and annual 

reliability index of ɓ = 3.25. Through linear interpolation, ad = 0.13 mm was selected as the design crack 

depth, illustrated in Figure 3-12 (left). This crack depth is smaller than the previous value of 0.53 mm, due 

to the conservatism in the time-independent model in assuming the maximum load and minimum 

temperature occur at the same time. A crack this size would be even less likely to be found in inspection, 

though it is retained for illustrative purposes in the sensitivity studies and creation of new design tools.  

 

Figure 3-12 Calibration of ad (left) and ɓ vs. T27J curves (right)  
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3.5.5 Time-Independent Reliability Analysis and T27J Calibration  

The time-independent MATLAB code using MCS followed the primary steps: 

1. Statistical parameters and deterministic parameters are input into the code. 

2. Parameters that need to be treated probabilistically are sampled. 

3. The historical temperature database consisting of yearly minima is read, and a minimum 

temperature is sampled for the trial year assuming the historical database to follow a normal 

distribution.  

4. Kmat is then calculated using that temperature. 

5. The live load for the time step is sampled from the Gumbel distribution for yearly extreme live load 

obtained from the real traffic database. K*
appld is then calculated using that live load. 

6. A ductile fracture check is performed, to determine if the applied stress is sufficient to yield the 

cross section. If yielding occurs, a failure by ductile fracture is recorded. 

7. Failure by brittle fracture is assumed if g(x) < 0.  

8. If failure has occurred, it is recorded, and the next bridge year is simulated (go to Step 2). 

9. This process repeats until the required number of bridge years (or ñtrialsò) has been simulated.  

10. Probability of failure (Pf) for each mode is calculated by dividing the failures by total number of 

trials. ɓ for both ductile and brittle fracture are subsequently calculated. 

A flow chart illustrating the time-independent model is shown in Figure 3-13. 
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Figure 3-13 Flow chart of time-independent model 
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This was repeated for different T27J, varying between -50 °C and 20 °C (at 10 ° C increments), and different 

yield strengths presented in CSA S6. Curves of T27J vs ɓ were generated for each steel grade. A line of best 

fit was generated, and the recommended T27J was calibrated to the target ɓ. 

The process was then repeated for different demand-to-capacity ratios (DCR), ranging between 0.5 to 1 at 

increments of 0.125. The DCR affects the scaling of the dead and live stresses, such that ρȢρὈ ρȢχὒ

ὈὅὙzπȢωὊ. This may be useful for posting load limits on a bridge to ensure the target reliability is met. 

Contour plots of Fy vs. T27J vs. DCR were then generated using MATLAB. Values of T27J above 20 °C were 

capped, as CVN tests are generally not conducted above room temperature. 

The results of the studies and new design tools are presented in Chapter 7. 
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4 Comparison of Design Provisions for a Typical Bridge 

As a first study to assess the level of consistency in codes around the world, a comparison between the 

Eurocode, CSA S6, and AASHTO LRFD Part 6 was made. Figure 4-1 to Figure 4-6 were produced to show 

the variation in the required CVN test temperature corresponding to the required steel grade/sub-grade in 

the three design codes for varying plate thickness. Figure 4-7 shows the changes in the steel toughness 

requirement along the bridge span due to changes in the girder plate thickness and applied stresses at each 

point, using the EN 1993-1-10 provisions. 

4.1 Part 1 ï Single Point Analysis 

The toughness requirements in CSA S6 are independent of plate thickness, as represented by the orange 

horizontal line in Figure 4-1 to Figure 4-6, and are more conservative than EN 1993-1-10 for thinner plates, 

resulting in a lower CVN test temperature requirement for 27 J notch toughness. Both codes have the same 

toughness requirement in the middle range of plate thicknesses, and EN 1993-1-10 is more conservative 

for thicker plates. The AASHTO toughness requirement also varies with thickness, however, it still follows 

a similar trend in being more conservative than the Eurocode for thinner plates and less conservative for 

thicker plates when the CVN test requirements from the AASHTO Table C6.6.2.1-1 are converted from 

Imperial to Metric units. This is illustrated as the grey line in Figure 4-1 to Figure 4-6. Solid lines for both 

the CSA and AASHTO curves represent the non-fracture-critical member in the case of the case study 

bridge used, but the dashed orange and grey lines show the results for what would be fracture critical 

members, had there been any on the bridge. It is noteworthy that the Eurocode makes no such distinction 

between regular and fracture critical members, as is done in North America. 

Figure 4-1 to Figure 4-6 also show that the EN 1993-1-10 fracture mechanics method follows the same 

trend as the simplified method, with the simplified method being slightly more conservative. The yellow 

curve represents the results from the standard defect size calculated using Equation 3-7, while the dark blue 

and green curves represent the results when the defect size, ad, is varied by +/-20%. The dashed lines of the 

fracture mechanics curves exceeding the 20 °C CVN test temperature indicate the theoretical upward trend 

of these curves, while realistically, CVN tests would not generally be conducted at those higher 

temperatures. Figure 4-1a shows the results using the code-specified temperature for analysis, and Figure 

4-1b shows the results at a common ambient temperature (before applying any code-specified temperature 

shifts). It is observed that for the common temperature scenario, the Eurocode curves are shifted to the right, 

extending the range of thin plates for which the Eurocode is less conservative than the North American 

counterparts for this example.  
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Figure 4-1 Required CVN test temperature for Waterloo (ůed / fy(t) = 0.46) 

Similar trends were observed for Vancouver, shown in Figure 4-2, and Fort McMurray, shown in Figure 

4-3. Although this analysis is specific to a particular loading scenario for the CISC design example bridge 

and the climatic data for the three cities of interest, the step function trend from the simplified method is 

similar for other European steel grades, such that toughness requirements for thicker plates are more 

rigorous.  

 

Figure 4-2 Required CVN test temperature for Vancouver (ůed / fy(t) = 0.46) 

 

Figure 4-3 Required CVN test temperature for Fort McMurray ( ůed / fy(t) = 0.46) 
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Figure 4-4 to Figure 4-6 illustrate the effects of the changes in stress level on the toughness requirement. 

(Note: code-specified design temperatures are assumed in this comparison.). It can be seen that when a 

plate is subjected to lower stress levels (0.25fy(t)), the CSA and AASHTO requirements are consistently 

more conservative for the range of plate thicknesses considered. At the higher stress levels of 0.46 fy(t) and 

0.75 fy(t), the EN 1993-1-10 curves for both the simplified and fracture mechanics methods shift to the left, 

becoming more conservative for thicker plates, while the CSA and AASHTO still remain conservative for 

thinner plates at these stresses. The red dashed line on the graphs at 0.75 fy(t) for Waterloo and Fort 

McMurray represents the limit on maximum plate thickness from the Eurocode 3 simplified method, 

meaning that any plate exceeding the limit would not be permissible for those stress and climate conditions. 

 

Figure 4-4 Required CVN test temperature for different stress levels for Waterloo 

 

Figure 4-5 Required CVN test temperature for different stress levels for Vancouver 
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Figure 4-6 Required CVN test temperature for different stress levels for Fort McMurray 

4.2 Part 2 ï Entire Girder Analysis  

Depending on the stresses and plate thickness, the toughness requirement along the length of the bridge can 

vary significantly, based on EN 1993-1-10. This is shown in Figure 4-7. As expected, a mild climate such 

as Vancouver may utilize a smaller range of steels with lower toughness requirements using the simplified 

method ï between JR to K2, M, N ï while the climatic conditions of Waterloo would require the full range 

of sub-grades for the European S355 steel grade. In the severe climate, Fort McMurray, a steel sub-grade 

could not be specified for Span Reference 11 (in the vicinity of the intermediate bridge pier), where the 

maximum negative moment occurs, as indicated by the dotted red lines in Figure 4-7c). This discontinuity 

occurs because the plate thickness exceeds the maximum allowable plate thickness ï even for the toughest 

available sub-grade of S355 ï for the particular stress condition and reference temperature using the 

simplified method. In this case, a different steel grade would need to replace the S355 for the plate thickness 

at this location to fall within allowable limits.  

It is also observed that the fracture mechanics curve follows the same trend as the simplified method, similar 

to the single point analysis. In general, the toughness requirement from the simplified method remains more 

conservative than the fracture mechanics method, with few exceptions near the 5 to 10 m distance from the 

abutment. This could be due to the use of the ñround upò method when applying the Table 2.1 of EN 1993-

1-10 to generate Figure 4-7, where stress level and reference temperature were rounded up on the table 

instead of interpolated. It is also noted that since the fracture mechanics method is generally less 

conservative than the simplified method, there is no discontinuity at Span Reference 11, and the steel grade 

of S355 would be permissible.  

This type of graph could help designers determine the toughness requirement to properly specify steel grade 

for the design of new bridges. Although the toughness requirement varies along the length, it is generally 

preferable to use the same grade along the entire bridge for ease of construction. In this example case study, 

the pier is the location of maximum negative stress and governs the fracture toughness requirement for the 
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entire bridge. It is observed that the locations of lower toughness requirement (i.e. JR subgrade) are 

generally near the inflection points. One possible use for this type of output might be to permit a lower 

toughness level at positions along the span other than the critical one for assessment purposes, such as 

assessing a point along the bridge span where a fatigue crack has been detected or the structure has been 

damaged ï e.g. by vehicle impact ï or has a fatigue prone detail present.  

 

Figure 4-7 Comparison of Eurocode simplified and fracture mechanics models for three locations  
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5 Probabilistic Fracture Mechanics Analysis 

In this chapter, the results are presented for the preliminary comparison of codes, which led to the study of 

implementing the Eurocode fracture mechanics in a probabilistic framework with Excelôs Visual Basic to 

compare the sensitivity of changes in each of the input parameters of the Eurocode fracture mechanics 

method to the probability of failure, Pf. These are presented in Sections 5.1 through 5.5.Each of these 

demonstrates the impact of each parameter on the brittle fracture risk and the gaps that the current CSA S6 

design tables may have. 

In Section 5.6, the initial results, and limitations (including the computational demand), of the initial time-

dependent probabilistic MATLAB code are presented and discussed.  

5.1 Results: Base Case Analysis 

First, a base case analysis was performed, which assumed the bridge was located in Ft. McMurray, AB, and 

fabricated with steel having notch toughness, T27J = -30 °C. Figure 5-1 shows sample output using MCS 

with 10,000 trials, for the histograms of Kmat and K* appld, where failure is indicated by the areas where the 

histograms overlap. On this basis of this simulation, an annual probability of failure of Pf = 0.0054 is 

calculated (ɓ = 2.55). It is noted that this annual reliability index is low and would not satisfy fracture-

critical requirements. However, these results are to illustrate a ñproof of conceptò analysis to build upon 

later on, and so no further effort is made at this stage to calibrate the model or otherwise address this issue. 

The following should be noted: 

¶ The basis for this probability of failure calculation is a 50-year service period, which is used to 

calculate the extreme live load and the extreme cold temperature. It is then very conservatively 

assumed that these two events occur at exactly the same time. 

¶ It should not be surprising that such a low probability of failure is obtained with such a highly 

conservative assumption implicitly made in the analysis. Clearly, in order to estimate the 

probability of failure more reasonably, a time-dependent reliability framework is needed, where 

the live load and temperature are allowed to fluctuate realistically over time, or the effect of this 

realistic fluctuation is captured using an appropriate approximation.  

¶ For the purpose of assessing the implications of the assumed analysis period, in the sensitivity 

studies presented in the following sections, two service periods are considered: the 50-year service 

period employed in the base case analysis and a 1-year service period, the latter yielding ñannual 

probability of failureò results, which still employ the overly conservative assumption that the 

extreme live load and temperature occur at the same time within the service period. In order to do 

this, the statistical approaches in Agarwal et al. (2007) were employed with the raw traffic statistical 

data for the province of Ontario for midspan moment of a simply supported 40 m girder. (In future 
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analyses, more recent raw data for Ontario, BC, and Alberta could be used where appropriate. 

However, for this study, the bridge ñlocationò only affected the extreme temperature statistics.) 

 
Figure 5-1 Sample output for base case (Ft. McMurray, 50-year service period, T27J = -30°C) 

5.2 Variation  of Crack Size 

As CSA S6 currently does not consider crack size in the design against brittle fracture, a parametric study 

for this factor was of interest, due to the impact that ad has in the equation for K* appld (recall Equation 2-10 

and Equation 2-11). 

A semi-elliptical crack shape was assumed, with ñsizeò referring to the crack depth. The mean crack size 

was varied between 2 mm and 20 mm, and as expected, the probability of failure increases with increasing 

crack size. The results are presented in Figure 5-2, highlighting the impact that crack size has on brittle 

fracture and reinforcing the need for this parameter to be considered in codes. Looking at this figure, it can 

be seen that the annual probability of failure curves are ï as expected ï lower than the 50-year service 

period curves, as the opportunity of an extreme temperature event and high truck load occurring together 

are more likely in a longer service period. 

Note that in order to present curves with only two variables changing at a time (location, which affects 

extreme temperature nominal and bias factor values, and mean crack size), the fracture toughness of the 

steel was held fixed at T27J = -20 °C, even though CSA S6-19 would require a lower value of -30 °C for the 

coldest (Ft. McMurray) location. Looking at these curves, it can be seen that as the climate becomes more 
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severe, the probability of failure curve shifts upwards, as expected. Figure 5-3 presents the corresponding 

set of reliability index vs. mean crack size curves, based on Equation 3-19. 

 
Figure 5-2 Pf vs. Crack Size (T27J = -20°C) 

 

Figure 5-3: ɓ vs. Crack Size (T27J = -20°C) 

5.3 Variation  of Load 

In the next sensitivity study, the maximum nominal applied stress at the detail was varied to investigate the 

effect of this parameter. The dead-to-live load ratio was maintained all analyses. As can be seen in Figure 

5-4, the results show an expected increase in the probability of failure with an increase in the maximum 

nominal applied stress, which was expected, due to the direct correlation between Èd and K* appld in 

Equation 2-10 and Equation 2-11. It should be noted that the higher stress levels in this analysis exceed the 

nominal yield strength of the steel. This raises broader questions regarding the competing ductile and brittle 
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fracture failure modes, warranting further study, which was incorporated later in the probabilistic studies 

in Chapters 6 and 7.  

 
Figure 5-4: Pf vs. Maximum Nominal Applied Stress (T27J = -20°C) 

5.4 Variation  of Weld Size 

The fillet weld height and width affect the calculation of the Mk parameter for semi-elliptical surface cracks, 

shown in Figure 2-9. As shown in Figure 5-5, the failure probability showed little change with variation in 

the fillet weld size (in this case, height and width which are assumed to be equal). While the figure shows 

the results for an 8 mm crack, the process was repeated for two other crack sizes, 10 mm and 12 mm, and 

the results were all consistently flat. 

 

Figure 5-5 Pf vs. Weld Size (8 mm crack case) 
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5.5 Variation  of Plate Thickness 

The plate thickness affects several parameters of the fracture mechanics model, including the calculation 

of the crack shape correction factor, Y, correction factor for semi-elliptical cracks, Mk, the critical crack 

front length, beff (for certain crack shapes), and the through-thickness adjustment, ȹTt. This means that in 

the Eurocode, t affects parameters on both action and resistance sides, K* appld, and Kmat, of Equation 2-9, 

and its impact on the probability of failure was not as clear as crack size and load.  

The simulation results from a flange plate thickness variation study interestingly showed a local minimum 

point in the Pf vs. flange plate thickness output, in contrast with the monotonically increasing curves 

obtained in the first two studies. Initially, the failure probability is high, as the crack takes up a significantly 

large proportion of the overall plate depth, making it a point of weakness as there is an insufficient amount 

of uncracked flange area to prevent failure. In the first portion of the graph, Pf decreases when the thickness 

increases, as gradually the crack is taking up less of the cross section. At a point near 50 mm thickness, the 

local minimum is reached. Beyond the optimum point, the Pf increases again as the increased thickness 

causes a reduction in ductility. The graph for the 8 mm crack is shown in Figure 5-6.  

Plate thickness variation was simulated for four different mean initial crack sizes ranging from 6 to 12 mm. 

The results for the 12 mm crack are shown in Figure 5-7. In general, the trends were seen to be similar. 

However, as the mean crack size increases, the flange plate thickness for which the probability of failure 

by brittle fracture is a minimum also increases. Also, as expected, the probabilities of failure increase for 

all cases with an increase in the mean initial crack size or severity of the local climate.  

 
Figure 5-6: Pf vs. plate thickness (8 mm mean initial crack size, T27J = -20°C) 
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Figure 5-7: Pf vs. plate thickness (12 mm mean initial crack size, T27J = -20°C) 

5.6 Preliminary Time-Dependent Probabilistic Model 

As it was noted in the base case analysis that the assumption of minimum temperature and maximum load 

is conservative, a time-dependent probabilistic model better reflects the realistic hourly fluctuations in 

temperature and load, which is described in Section 3.3.  

PDFs and CDFs generated for Kmat, which capture uncertainty in the toughness of the material (Step 1 in 

the procedure described in Section 3.3.1 of this thesis), are shown in Figure 5-8. The CDFs are used to for 

the interpolation of a value of Kmat based on the hourly temperature (Step 4a).  

 
Figure 5-8 Probability and cumulative distributions for Kmat 
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The PDFs and CDFs for K*appld, which capture uncertainty in the stress intensity factor due to applied loads 

(Step 2 in the procedure described in Section 3.3.1 of this thesis), are shown in Figure 5-9. The CDFs are 

used for the interpolation of K* appld based on the maximum hourly live load (Step 4b).  

 
Figure 5-9 Probability and cumulative distributions for K* appld 

Figure 5-10 illustrates examples of the fluctuation of the minimum hourly temperature (left) and maximum 

live stress (right) for each time step, in one-hour increments, over the course of one year (8760 hours). The 

input hourly temperature was calculated by random sampling from a normal distribution of recorded 

temperatures at each hour between 2003 and 2021. Furthermore, the live load was sampled at each hour 

using the Gumbel distribution method discussed in Agarwal et al. (2007). 

 
Figure 5-10 Sample temperature and live load stress fluctuations over one year 
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Figure 5-11 shows the results of a set of MCS trials simulating 100 years of service, for an assumed crack 

size of 14 mm. In each 1-hour time step, temperature and load are randomly sampled, which is then repeated 

for 8760 hours (time steps) per year. This process is then repeated for 100 service years in this simulation. 

It is observed that the annual probability of failure in this analysis is converging on approximately 0.5 after 

the first few years. Although this probability of failure is quite high, it should be noted that this only shows 

a preliminary result of an example scenario with a high failure probability associated with a fairly large 

crack size of 14 mm. 

 
Figure 5-11 Annual probability of failure over number of iterations (100 years) 

It was initially hypothesized that generating CDFs at the first step, and using interpolation between the 

CDFs at each time step would save computational energy. However, this was proven to be false as the code 

took approximately 22 hours for a 10,000-year analysis. For-loops were designed to break and jump to the 

next year if a failure occurred within the year, thus for larger crack sizes (or scenarios where a larger 

probability of failure is expected to occur), the code took a shorter time to run compared to the smaller 

crack sizes. However, running the model for longer analysis periods was especially crucial for the smaller 

failure probability scenarios, which was of higher practical interest. Ultimately, this version of the code was 

abandoned due to the high demand in computational time, though it is still shown in the thesis as a possible 

methodology of generating CDFs for interpolation.  
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6 Time-Dependent Probabilistic Assessment of Current  CSA S6 Design Tables 

In this chapter, the refined MATLAB model described in Section 3.4 are used to assess the extent to which 

the Canadian provisions provide uniform and adequate levels of reliability against brittle fracture over a 

range of steel grades, plate thicknesses, and climates. Several additional sensitivity studies are also 

presented for the ŭ2 parameter (which characterizes uncertainty in the conversion from impact toughness to 

fracture toughness), strain rate, live-to-dead load (L/D) ratio, and design crack size. 

Before presenting results of the time-dependent reliability analysis, it is perhaps worthwhile to explain what 

is happening in the analysis during a typical 1-year hour-by-hour simulation. Figure 6-1 illustrates an 

example of the first 1500 hours of a year with SIFs fluctuating over time, where a failure by brittle fracture 

is counted when Kmat drops below K* appld or g(x) < 0. Worth noting in this figure is the relatively large 

fluctuation in Kmat, which are driven by the daily and seasonal temperature fluctuations, are dominant over 

the relatively minor fluctuations in K* appld, which look like they could almost be ignored, with minimal 

impact on the probability of failure prediction. Larger fluctuations in K* appld may be seen if a more 

sophisticated traffic simulation were performed, including truck platooning and natural daily fluctuations 

in the volume or nature of the truck traffic. However, since a primary objective of the current work is to 

verify existing CVN test requirements for consistency from a reliability perspective, the employed approach 

is thought to be reasonable for the intended purpose, and no further effort is made to explore situations that 

might result in larger hourly fluctuations in the K* appld parameter for a specific site. 

 

Figure 6-1 Typical Kmat and K* appld fluctuation over time 
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6.1 Reliability Index Provided by CSA S6-19 for Various Cases 

6.1.1 Effect of Steel Strength 

With ad calibrated to a value of 0.53 mm using the process described earlier in Section 3.4.5, reliability vs. 

design T27J curves can be generated for various steel strengths, Fy, as shown in Figure 3-9 (right). 

Alternatively, reliability analyses can be performed with the T27J set to the value specified in the design 

tables in CSA S6, and the reliability level provided by the design T27J can then be calculated. The results of 

such an analysis are shown in Figure 6-2, again for the case of t = 38 mm and again with ad = 0.53 mm for 

the locations in both climate zones. In this figure, the black squares indicate results for base metal (BM) 

and the white diamonds indicate weld metal (WM).  

 

Figure 6-2 Annual reliability index for t = 38 mm, a = 0.53 mm 

From Figure 6-2, several conclusions can be drawn. First, it is observed that many of the current CVN 

requirements do not meet the target annual reliability index of ɓ =3.25, particularly for higher strength 

steels. This is more significant in the colder Climate 2. On the other hand, the target annual reliability index 

is exceeded for the lower strength steels. The choice of steel strength used for the calibration has a 

significant influence. However, regardless of this choice, it is apparent there is a lack of consistency in the 

provided safety levels across the various steel strengths according to this analysis. For a given steel strength, 

variations in the provided safety levels are also seen, as different T27J requirements are specified by the code 

for some steel alloys having essentially the same strength. In general, the weld metal T27J requirements 

provide slightly higher safety levels, which can be explained presumably by the code writers being more 

concerned about the prospects of brittle fracture happening in the weld metal and addressing this concern 

by specifying slightly higher toughness requirements for the weld metal. 
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6.1.2 Effect of Plate Thickness 

Figure 6-3 to Figure 6-6 show similar analysis results covering a range of plate thicknesses, with the two 

assumptions concerning ad (i.e., that ad is either independent of or linearly proportional to plate thickness). 

Looking at these figures, similar trends are seen for the relationship between safety (reliability) level and 

yield strength, across a range of plate thicknesses. In general, the reliability levels are seen to decrease with 

an increase in plate thickness, as the plate thickness varies from 25 to 75 mm. This trend occurs regardless 

of the assumption made regarding ad, but is more pronounced when ad is varied with plate thickness, t. It is 

also noteworthy that some of the milder steels, which previously met the target annual reliability index for 

the base case analysis (t = 38 mm, Climate 1), no longer meet it, particularly in the colder Climate 2. 

 

Figure 6-3 Annual reliability index for t = 25 mm, a = 0.53 mm 

 

Figure 6-4 Annual reliability index for t = 25 mm, a = 0.35 mm 
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Figure 6-5 Annual reliability index for t = 75 mm, a = 0.53 mm 

 

Figure 6-6 Annual reliability index for t = 75 mm, a = 1.06 mm 

6.2 T27J Required to Achieve Consistent Reliability Level 

By varying the T27J for each steel strength and generating curves like those shown in Figure 3-9 (right), 

appropriate T27J values can be established, which will result in a consistent reliability level.  

From the parametric study, graphs of ɓ vs. T27J were plotted and the resulting slope and intercept values 

were obtained, to interpolate or extrapolate the desired T27J for the target annual reliability index. A sample 

graph is shown in Figure 6-7 and Figure 6-8 for t = 38 mm and ad = 0.53 mm in Climate 1, for CSA G40.21 

Grades and ASTM A709M Grades, respectively. Similar graphs were produced for all other cases. 
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Figure 6-7 ɓ vs. T27J for t = 38 mm, a = 0.53 mm, CSA Grades, Climate 1 

 

Figure 6-8 ɓ vs. T27J for t = 38 mm, a = 0.53 mm, ASTM Grades, Climate 1 

6.2.1 Effect of Steel Strength 

By drawing a horizontal line at the target reliability index level on a graph such as one of the ones in Figure 

6-7 or Figure 6-8 and noting where this line intersects the reliability vs. T27J curve for a given steel yield 

strength, curve can be generated of required T27J vs. yield strength, which can then be compared directly 

with the T27J requirements in the existing CSA S6-19 design tables. 

To illustrate, Figure 6-9 shows the old and newly recommended T27J for the base case of t = 38 mm and ad 

= 0.53 mm, where the old toughness values are the data points obtained from the CSA S6-19 design tables 

and the proposed or ñnewò toughness values have been obtained using the method described in the previous 

paragraph. It is worth noting that in CSA S6-19, not all the CVN test temperatures are defined at a 27J 
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notch toughness. In order to facilitate the graphical comparison, Equation 2-33 developed by Kühn (2005) 

was used to convert values in the table to equivalent test temperatures for T27J in Chapter 2. 

 

Figure 6-9 T27J before and after calibration for t = 38 mm, a = 0.53 mm 

Looking at Figure 6-9 (left), is observed that for the case of Fy = 350 MPa, the calibrated T27J value for 

Climate 1 falls in the middle of the range of currently specified T27J requirements at 0°C, which is expected, 

as this was the calibration point for establishing ad. As the yield strength increases or decreases, a difference 

between the specified T27J and the calibrated T27J can be seen, which corresponds with the shift in the T27J 

requirement that one might recommend, based on the current analysis. For Climate 2, it can be seen that 

this shift is generally more pronounced. In Figure 6-9, for comparison purposes, the AASHTO CVN test 

requirements for steel alloys permitted by both the Canadian and US standards are also indicated (in orange). 

In essence, the AASHTO and CSA S6-19 CVN test requirements for these alloys are seen to be identical, 

suggesting that the findings of this analysis may also hold relevance with respect to the AASHTO CVN 

test requirements, although repetition of these analyses with US truck GVW data and representative climate 

data is recommended to confirm this. 

6.2.2 Effect of Plate Thickness 

Figure 6-10 to Figure 6-13 again show similar analysis results covering a range of plate thicknesses (t = 25 

to 75 mm), again with the two assumptions concerning the design crack depth, ad.  
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Figure 6-10 T27J before and after calibration for t = 25 mm, a = 0.53 mm 

 

Figure 6-11 T27J before and after calibration for t = 25 mm, a = 0.35 mm 

 

Figure 6-12 T27J before and after calibration for t = 75 mm, a = 0.53 mm 
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Figure 6-13 T27J before and after calibration for t = 75 mm, a = 1.06 mm 

Looking at these figures, it is seen that the change in the required T27J before and after calibration increases 

significantly as plate thickness increases and climate becomes more severe. On the other hand, this analysis 

suggests that the design CVN test requirements could be reduced for thinner plates and milder steels. 

6.3 Sensitivity Studies 

6.3.1 COV of Z17 (ŭ2) Parameter 

From a review of Collins et al. (2016), it was realized that the COV of the CVN to fracture toughness 

conversion may be much larger than the one suggested in Sedlacek et al. (2008) and used in the current 

study (13 °C). Using a larger COV of 34.2 °C based on Collins et al. (2016), a new design crack size for 

the base case scenario (Climate 1, t = 38 mm) was calibrated and found to be equal to 0.37 mm. Using this 

new COV and calibrated design crack size, a new T27J vs. yield strength curve was generated, using the 

procedure described earlier. The result was a minor change (increase) in the slope of this curve. This is 

illustrated in Figure 6-14.  
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Figure 6-14 T27J for CVN to Fracture Toughness Conversion COVs of 13 and 34.2 for t = 38 mm 

6.3.2 Strain Rate 

A key assumption in the model presented previously is that there is no strain rate adjustment, based on 

Sedlacek et al. (2008). A literature review revealed that a large range of strain rates may be observed on a 

bridge. Kühn (2005) states that vehicle crossings are in the quasi-static stress range, between 10-4 to 10-1 s-

1. In this reference, it is also noted that the assumption of a ñstaticò or low strain rate is appropriate, because 

the peak strain rate typically does not coincide with the point in time when the load effect is greatest as a 

truck passes across a bridge. Sedlacek et al. (2008) shows a design example where the strain rate is 0.005 

sī1, Barsom (1975) states that the typical strain rate encountered on actual bridges is closer to slow loading 

than impact loading, and is around 10-3 s-1. Based on this, an additional study was conducted using a strain 

rate of 10-3, into Equation 6-1, where Ů0 =10-4 s-1, from Sedlacek et al. (2008). 
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 Equation 6-1 

ɲT  ʁwas calculated to be -6.93 °C, a temperature adjustment that was then used to adjust the value of TEd in 

Equation 3-27., which was then used to recalibrate the design crack size (ad = 0.5 mm) and the required 

T27J. Figure 6-15 illustrates that the curves are near identical.  
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Figure 6-15 T27J for different strain rate adjustments 

6.3.3 L/D Ratio 

It was previously noted that an L/D ratio of 0.5 is very low, in particular highway bridges with longer spans. 

A sensitivity study was thus performed with different L/D ratios to determine the effect of this parameter 

on the analysis results. Design examples tend to have L/D closer to 1.0 (Canadian Institute of Steel 

Construction, 2002). Using the previously described procedure, this value, plus an even larger value of L/D 

= 4.0 were used to assess the influence of this parameter on the calibrated T27J vs. steel strength curve. 

Figure 6-16 illustrates the effects of all three L/D ratios for Climate 1, t = 38 mm.  

Looking at this figure, it is observed that all three curves are nearly identical.  

 

Figure 6-16 T27J for L/D of 0.5, 1.0, and 4.0 
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6.3.4 Design Crack Size 

It must be acknowledged that the calibrated design crack size for a target annual reliability index of ɓ = 3.25 

is very small and undetectable through visual inspection. On this basis, it was decided to perform an 

additional calibration with a larger design crack. For this study, the crack size was assumed to be ¼ of the 

thickness of a 38 mm plate, or ad = 9.5 mm. With this design crack size, a new target reliability could be 

back-calculated for the 350 MPa grade case at T27J = 0 °C. Doing this resulted in a target reliability index 

of ɓ = - 0.064. The new target ɓ and larger crack size were then used to recalibrate the CVN test 

requirements for the other steel strengths. Figure 6-17 shows the result. As expected, the curves for the two 

design crack sizes cross near the calibration point (350 MPa, T27J = 0 °C). The result shows that the main 

observations from the previous analysis are relatively insensitive to the design crack size.  

 

Figure 6-17 T27J for crack sizes of 0.53 and 9.5 mm 

6.3.5 Fracture Critical / Non -Redundant Tension Members 

A target annual reliability index of ɓ = 3.25 based on CSA S6-19 was appropriate for a primary tension 

member, whereas a higher target reliability index could be more appropriate for a fracture-critical (or ñnon-

redundant tensionò) member. Figure 6-18 illustrates the curves for different reliability indexes, up to 4.0, 

for the same design crack size of ad = 0.53 mm for a 38 mm thick plate. On the same graph, the increased 

CVN test requirements currently specified in CSA S6-19 for fracture-critical members are superimposed. 

Looking at this figure, it can be seen that the increased toughness requirements in the standard correspond 

with a relatively small increase in the target annual reliability index. Further study is needed to fully assess 

the implications of this result considering a broader range of factors. Thus, further conclusions cannot be 

drawn. However, the result shows how this type of analysis may be a useful tool for code writers to 

determine the CVN test requirements for different levels of reliability desired. 
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Figure 6-18 T27J for ɓ = 3.25, 3.5, 3.75, and 4.0 in Climate 1 
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7 Sensitivity Studies and Design Tool Development 

In this chapter, results obtained using time-dependent and -independent versions of the reliability analysis 

are compared, sensitivity studies are performed. Following this, work performed to develop a new tool for 

design against brittle fracture is presented, which allow toughness requirements to be defined in terms of 

steel grade, plate thickness, demand-to-capacity ratio, traffic volume, and fracture-criticality.  

7.1 Comparison of Time-Dependent and -Independent Analysis Results 

In Chapter 6, a time-dependent model was used to assess reliability against brittle fracture, where traffic 

and temperature were simulated hourly, taking into account the fluctuations occurring throughout the year. 

While more realistic, the simulations required for this analysis were time-consuming and resource intensive. 

One important question was to address whether the computational time/cost of time-dependent analyses 

was necessary, or whether faster time-independent analyses where each parameter is sampled only once per 

bridge-year could yield sufficiently accurate results for practical purposes. 

To answer this question, a comparison was made between analysis results obtained using the time-

dependent and -independent models. To perform this comparison, a necessary first step was calibrating the 

design crack size to the time-independent model in a similar manner to what was done previously for the 

time-dependent model. As a reminder, the procedure for the calibration is defined in Section 3.5.4 and 

essentially consists of establishing the crack size that achieves a desired annual reliability index for a typical 

case seen in practice where there is a historical record of good brittle fracture performance.  

Following the same procedure as used previously for the time dependent code, a calibrated design crack 

depth of ad = 0.13 mm was obtained for the time-independent code, which is smaller than the calibrated 

crack depth of ad = 0.53 mm obtained previously for the time-dependent code. This was expected and can 

be explained by the conservative assumption made in the time-independent analysis that the maximum load 

and minimum temperature during the analysis period (one year) occur at the same time. 

Following the calibration step, a comparison was made of required toughness vs. yield strength curves 

generated using the two models. An example result is shown in Figure 7-1. The results in this figure are for 

a primary tension member in Climate Zone 1 (Waterloo). In this figure, the curves generated using the two 

models are near identical. This suggests that employing the time-independent model with a smaller design 

crack (ad = 0.13 mm) is a reasonable approach for running the quantities of analyses required to perform 

sensitivity studies and develop practical tools for design. On this basis, the calibrated time-independent 

code has been used to generate the remainder of the results presented in this chapter.  
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Figure 7-1 Comparison of time-dependent and -independent models 

 

7.2 Sensitivity Studies 

Using the time-independent model, studies were performed to assess the sensitivity of the results to 

variations in the following parameters: climate, bridge span and influence line, traffic volume, and 

consideration of multiple vehicle presence. In the following sections, the results are presented. 

7.2.1 Climate Study 

CSA S6 presents CVN requirements for design against brittle fracture in tables separated into two climate 

zones: a moderate zone with a minimum mean daily temperature of > -30°C, and a severe zone for -30°C 

to -52°C. Notably, each zone encompasses a large temperature range. Cities and towns dispersed across 

Canada may have very different climate histories despite falling within the same temperature zone. In the 

previous work, only one town in each climate zone was chosen to demonstrate implementation of the 

analysis methods. In this section, results are compared for several locations located in each climate zone to 

assess the sensitivity of the analysis to location. This was an important area of investigation as temperature, 

TEd, directly affects the Kmat parameter representing material toughness (recall Equation 3-27). 

For this sensitivity study, three locations distributed across Canada were selected within each climate zone, 

to represent both coastal and inland regions where temperature cycles may vary appreciably over the course 

of a year. Waterloo, Halifax, and Kamloops were the locations selected for Climate Zone 1. Similarly, 

Whitehorse, Fort McMurray, and Winnipeg were the locations selected for Climate Zone 2, based on 

Figure A3.1.2 in CSA S6 (Canadian Standards Association, 2019). 

Figure 7-2 presents the required fracture toughness vs. yield strength curves obtained for each of these 

locations. In short, this figure shows that the location within each climate zone has minimal impact on the 
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CVN test requirements, with the toughness requirement for a given steel yield strength not varying by more 

than 3-4 °C. On this basis, the locations used previously to represent each climate zone were retained in 

subsequent analyses. In other words, Climate 1 is represented using climate data for the City of Waterloo, 

and Climate 2 is similarly represented by the City of Whitehorse. 

 

Figure 7-2 Effects of Location within each Climate Zone 

7.2.2 Bridge Span and Influence Line Study 

In the next sensitivity study, the influence of bridge span and influence line were investigated, as these 

parameters can significantly influence the stress histogram, which is used to obtain ůEd in the Kappld equation. 

As a reminder, in the previous work, the gross vehicle weight (GVW) histogram was assumed to be 

representative of the live load stress histogram, which would essentially be true if one were assessing 

bending stresses in a very long span, simply-supported bridge girder. In order to assess the sensitivity of 

the results to this assumption, in this study, girder spans of 10 m, 40 m, and 100 m were selected to represent 

short, medium, and long span bridges, and influence lines for two locations were considered ï namely, the 

support reaction (ps_r) and the midspan moment (ps_m) for a simply-supported girder. 

Results of the bridge span and influence line sensitivity study are presented in Figure 7-3. In this figure it 

can be seen that the girder span and influence line have negligible effects on the CVN test requirements. 

One point worth noting is that the same strain rate was assumed for all of these analyses. This is believed 

to be reasonable, for reasons discussed earlier. However, it is conceivable that for a very short influence 

line, such as the one that might be relevant for an expansion joint, it is likely that the strain rate is much 

more closely influenced by the impact of each axle hitting the joint, in which case a higher strain rate might 

be appropriate to represent this situation. That said, the results of this analysis show that the features of the 

stress histogram that vary with bridge span and influence line, on their own, are not sufficiently different 

to cause a meaningful shift in the required toughness vs. yield strength curve. 
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Figure 7-3 Effect of Bridge Span and Influence Line 

7.2.3 Traffic Volume  Study 

CSA S6 (Canadian Standards Association, 2019) defines four different highway classes based on Average 

Daily Truck Traffic (ADTT) counts of 4000, 1000, 250, and 50. In this study, each of these highway classes 

was assessed. The influence of the traffic volume manifests itself in the definition of the live load stress 

distribution (ůLL, the Z13 parameter in Table 3-5), which is defined for each case based on extreme value 

statistics. Figure 7-4 show analysis results for four different traffic volumes.  

 

Figure 7-4 Required T27J for various highway classes in Climate 1 and Climate 2 

As expected, as the traffic volume increases, the result is a slightly more rigorous CVN test requirement 

(i.e., decrease in T27J). This can be explained by the increased probability of an extremely heavy truck 

crossing the bridge during an extreme low temperature event as the traffic volume increases. Overall, the 

shifts in the curves are small ï less than 5-6 °C over the full range of yield strengths ï and the influence of 

traffic volume was found to be less significant than expected.  

That said, the possibility of having different toughness requirements for bridges supporting low and high-

volume roads could be worth considering to reduce the material cost for fabrication of bridges, e.g., in 

remote or rural regions. To show how this could be done, the traffic volume parameter has been retained as 

a variable in the development of a practical design tool presented later in this chapter. 


















































































